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BASIC REQUIREMENTS FOR MANUSCRIPTS 


This Journal represents an effort by the Society to deliver information to the 
reader with the greatest possible speed. To this end the material herein has 
none of the usual editing required in more formal publications. 


Original papers and discussions of current papers should be submitted to the 
Manager of Technical Publications, ASCE. The final date on which a discussion 
should reach the Society is given as a footnote with each paper. Those who are 
planning to submit material will expedite the review and publication procedures 
by complying with the following lasic requirements: 


1. Titles should have a length not exceeding 50 characters and spaces. 
2. A 50-word summary should accompany the paper. 


3. The manuscript (a ribbon copy and two copies) should be double-spaced 
on one side of 8Y%-in. by 1l-in. paper. Papers that were originally prepared for 
oral presentation must be rewritten into the third person before being submitted. 


4. The author's full name, Society membership grade, and footnote reference 
stating present employment should appear on the first page of the paper. 


5. Mathematics are reproduced directly from the copy that is submitted. 
Because of this, it is necessary that capital letters be drawn, in black ink, 3/16-in. 
high (with all other symbols and characters in. the proportions dictated by 
standard drafting practice) and that no line of mathematics be longer than 614-in. 
Ribbon copies of typed equations may be used but they will be proportionately 
smaller in the printed version. 


6. Tables should be jog (ribbon copies) on one side of 814-in, by 11-in. 
paper within a 6l4-in. by 1014-in. invisible frame. Small tables should be grouped 
within this frame. Specific i Ae and explanation should be made in the text 
for each table. 


7. Illustrations should be drawn ir. black ink on one side of 814-in. by 11-in. 
paper within an invisible frame that measures 614-in. by 1014-in.; the caption 
should also be included within the frame. Because illustrations will be reduced] 
to 69% of the original size, the capital letters should be 3/16-in. high. Photographs 
should be submitted as glossy prints in a size that is less than 614-in. by 1014-in. 
Explanations and descriptions shoulé be made within the text for each illustration. 


8. Papers should average about 12,000 words in length and should be no 
longer than 18,000 words. As an approximation, each full page of typed text, 
table, or illustration is the equiva‘ent of 300 words. 


Further information concerning the preparation of technical papers is con- 
tained in “Publication Procedure for Technical Pagers” (Proc. Paper 290) which 
can be obtained from the Society. 


Reprints from this Journal may be made on condition that the full title of 
the paper, name of author, page reference (or paper number), and date of 
publication by the Society are given. The Society is not responsible for any 
statement made or epinion expressed in its publications. 


This Journal is published quarterly by the American Society of Civil 
Engineers. Publication office is at 2500 South State Street, Ann Arbor, Michigan. 
Editorial and General Offices are at 33 West 39 Street, New York 18, New York. 
$4.00 of a member's dues are applied as a subscription to this Journal. Second-class 
mail privileges are authorized at Ann Arbor, Michigan. 
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PILE TESTS, LOW-SILL STRUCTURE, OLD RIVER, LA.# 


C. I. Mansur,! M. ASCE and R. I, Kaufman,? J,M, ASCE 
(Proc. Paper 1079) 


SYNOPSIS 


A rather comprehensive pile testing program was undertaken at the site of 
the low sill structure proposed for Old River control to determine the re- 
quired type, size, and length of piles necessary to carry the design compres- 
sion and tension loading without any significant movement of the structure, 
Information regarding the driving of displacement and nondisplacement types 
of piles was also desired, Fourteen-inch H-piles and pipe piles ranging from 
16 to 20 in. diameter were driven and tested. Details of the loading arrange- 
ment and test procedures are described. As 50 to 60 ft of alternating strata 
of silty sands, sandy silts, and clay overlie sand beneath the structure, both 
the total bearing capacity and the bearing capacity of only the portion of the 
piles penetrating into sand were measured. The load carried by that part of 
the pile driven into sand was computed from strain measurements made on 
rods attached at different points along the pile. After completing the com- 
pression tests the piles were allowed to rest and tension tests were per- 
formed on all piles but one. 

From the pile load tests it was considered that either 20-in, steel pipe 
piles, 20-in, precast concrete piles, or 14-in., 73 lb per ft steel H-beam 
piles, with respective penetrations of 15, 12, and 27 ft into sand would be 
satisfactory for carrying the design loads of 100 tons in compression and 40 
tons in tension with an ample factor of safety against both detrimental settle- 
ment and sudden plunging. The estimated average unit skin friction in the 
silts was 0.64 ton per sq ft for the piles when tested in compression, and 0,26 
ton per sq ft when tested in tension. The average angle of internal friction of 
the sand computed from bearing capacity formulas and the maximum load 


Note: Discussion open until March 1, 1957. Paper 1079 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 82, No. SM 4, October, 1956. 

a. Presented at a meeting of the ASCE, Feb. 1956, Dallas, Tex. 

1, Asst. Chief, Embankment and Foundation Branch, Soils Div., Waterways 
Experiment Station, Corps of Engrs., U. S. Dept. of the Army, Vicksburg, 
Miss. 

2. Chief, Design and Analytical Section, Embankment and Foundation Branch, 
Soils Div., Waterways Experiment Station, Corps of Engrs., Dept. of the 
U. S. Army, Vicksburg, Miss. 
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carried in the pile tip was 33 degrees. The strain rod installation proved to 
be a satisfactory and reliable method for determining the distribution of ap- 
plied load in the silt and sand strata, 


INTRODUCTION 


The soil conditions at the site for the low sill structure necessitated the 
use of long piles driven through alternating strata of silty sand, sandy silt, 
and ciay into sand at a depth of approximately 50 to 60 ft. As the pile founda- 
tion for the structure would be required to carry rather large loads in com- 
pression and tension with very little movement, it was decided to perform a 
series of pile loading tests to determine the type, size, and length of piles re- 
quired to carry the design loads without any significant movement. Informa- 
tion was also desired regarding the driving resistance of both displacement 
and nondisplacement types of piles. It was considered that the pile loading 
tests should be conducted in a test excavation dug for the purpose of relieving 
the overburden pressure and skin friction effects that would exist if the piles 
were tested at the natural ground surface. The purpose of this paper is to 
summarize the procedure used in making the tests, give the types of piles 
tested, and present the results and conclusions obtained. 


Description of Structure 


The low sili structure, a controlled spillway, is one of the principal fea- 
cures of the Old River control project planned for control of flow of the Mis- 
sissippi River into the Atchafalaya River. The structure is located on the 
west bank of the Mississippi River approximately 35 miles south of Natchez, 
Miss. It will be a reinforced concrete structure with vertical lift steel gates. 
It will have a gross length of 566 ft between faces of the abutment training 
walls and will have 11 gate bays. Four bays on each end of the structure will 
have a weir crest elevation of +10 ft msl; the three central bays of the struc- 
ture will have a weir crest of -5 ft msl. 

The gated portion of the structure and the abutment piers will be founded 
on piles to insure the stability of the structure with respect to horizontal 
sliding and to prevent any detrimental settlement. In designing the pile foun- 
dation it was assumed that the piles would be capable of carrying design loads 
of 100 tons in compression and 40 tons in tension, Approximately 75 per cent 
of the piles will be on a 2 on 1 batter; the remainder will be vertical, 


Foundation Conditions 


The low-sill structure and pile test site are located in an abandoned river 
channel of the Mississippi River. An aerial photograph of the pile test site in 
relation to the Mississippi River is shown on fig. 1. Soils beneath the low- 
sill structure consist of alternating strata of silts, sandy silts, and silty 
sands, with some interspersed clay strata for a total thickness of 50 to 60 ft. 
Clean sands with a thickness of 40 to 60 ft lie beneath the silty soils. The 
sands are in turn underlain by stiff Tertiary clays. On the basis of split 
spoon borings made from the natural ground surface, penetration resistances 
obtained in the silty sand strata below el -5 vary from 25 to over 50 blows 
per foot. Below approximately el-40 the split spoon resistance varies from 
50 to over 100 blows per ft. After removal of 50 ft of overburden by 
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FIG. 1, PILE TEST EXCAVATION 


excavation for the pile tests, the split spoon resistances were only about half 
of those given above. 

It was not possible to conduct the tests along the axis of the structure be- 
cause preload fills were to be constructed at the abutments. Such fills would 
affect the stability of the text excavation slopes and the stresses at the bottom 
of the foundation. Therefore, a site was selected riverward of the structure 
where soil conditions were similar to those along the axis of the weir of the 
structure, Logs of split spoon borings made at the test site are shown on 
fig. 2. Boring PT-1 was made prior to excavation to determine whether the 
soils at the test site were similar to those at the site for the structure. Bor- 
ing PT-1A was made in the bottom of the pile test excavation to establish the 
effect of removal of 50 ft of overburden on split spoon driving resistances, 


Laboratory Tests 


The shear strengths of the silts and sands underlying the proposed struc- 
ture were determined for the purposes of initially estimating the bearing 
capacity of the piles. Laboratory tests on undisturbed samples taken from 
beneath the proposed structure indicated an average shear strength of about 
¢% = 28°, c = 0,1 ton per sq ft for the silts and sandy silts. This shear 
strength was selected from the results of consolidated-undrained triaxial 
tests and consolidated-drained direct shear tests, Consolidated-drained tri- 
axial tests on both undisturbed and remolded samples indicated an average ¢ 
of about 36° for the sands. 

Consolidation tests on representative samples of the silty stratum below 
the structure indicated that significant settlement of the structure could be 
expected if the piles were founded in this stratum. Clay seams beneath the 


is 
; 
ASCE MANSUR - KAUFMAN 1079-3 
* 


SM 4 October, 1956 


BLOWS PER FOOT 


100 


ELEVATION IN FEET MSL 


ORIVING RESISTANCES (BLOWS PER FOOT) DE- 
TERMINED WITH A STANDARD SPLIT SPOON 
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AUGUST 1954. BORING PT. 1A MADE FROM BOT. 
TOM OF EXCAVATION (ELEV ©) IN FEBRUARY 
195s. 


BORING CLASSIFIED IN ACCORDANCE WITH THE 
UNIFIED SOIL CLASSIFICATION SYSTEM USED 
SY THE CORPS OF ENGINEERS, U.S. ARMY. 


FIG. 2. SPLIT SPOON BORING DATA 
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structure were even more compressible. This predication was substantiated 
by 5 in. of settlement of a plug installed in the silts below the proposed 
structure under the 30-ft high preload fill for the south abutment. A rebound 
plug installed beneath the pile test excavation prior to excavation also showed 
2 to 4 in. of rebound could be expected upon excavating for the structure. 


Pile Test Program 


Test Program 


The seven piles tested are described on fig. 3. Although it would have 
been desirable to have driven and tested some piles on a batter, loading dif- 
ficulties and extra cost of testing such piles were considered to outweigh the 
benefits to be obtained. It was also believed that the load-carrying capacity 
of a batter pile would not be appreciably less than that of a vertical pile 
driven to the same depth, Experience at the Morganza Floodway control 
structure had also proved that long, precast concrete piles on the same bat- 
ter (2 on 1) could be satisfactorily driven through a clay stratum that offered 
approximately the same resistance to driving as the silty soils at the low-sill 
structure site.3 


Excavation for Tests 


The pile loading tests were conducted in an excavation to relieve overbur- 
den pressure and skin friction effects which would have existed had the piles 
been tested at the ground surface. Fig. 4 shows some of the piles loaded in 
the test excavation. The bottom of the excavation was at el 0 ft msl with an 
inside clear area of 100 ft by 150 ft. The hydrostatic pressure in the deep 
sands below the pile test excavation was controlled by deep wellpoints so as 
to create an uplift pressure at the top of the bearing sand approximately 
equivalent to that which will exist beneath the structure. During the tests the 
hydrostatic head in the deep sands was kept betweel el 0 and +5. The effec- 
tive surcharge at the top of sand during driving of the piles and testing was 
about 2500 psf. 


Types of Piles and Strain Rod Installation 


The layout of the test and anchor piles in the test excavation is shown on | 
fig. 3. Piles 1 and 3 were 14 in. H-beams; piles 2, 4, 5, and 6 were empty 
pipe piles with a 3/4-in,-thick bottom plate. Pile 3 was also equipped with a 
square 3/4-in.-thick bottom plate, Pile 7 was a pipe pile filled with concrete, 

Since the amount of differential settlement that can be tolerated for the 
low sill structure is very small, it was considered essential that the pile 
foundation will not only provide an adequate factor of safety with respect to 
failure of the piles by plunging, but also insure that no significant settlement 
of the structure will occur over a long period of time. Considerable settle- 
ment of the structure can be expected if the carrying capacity of the pile tips 
in the sand is exceeded, because of the compressibility of the silty soils be- 
neath the structure. Such settlements along the structure would not be 


3. Waterways Experiment Station, “Review of Soils and Foundation Design 
and Field Observations, Morganza Floodway Control Structure,” T. M. No, 
3-384, August 1954. 
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TEST PILES 


TYPE 


525' UPSTREAM OF AXIS OF WEIR 


DESCRIPTION 


BEAM, 73 L8/ FT 
21.1N, PIPE PILE 
AM, 73 FT WITH BOTTOM PLATE 
17-IN, PIPE PILE 
17-IN, PIPE PILE 
PIPE PILE 
16-IN. PIPE PILE FILLED WITH CONCRETE 
* C INDICATES COMPRESSION TEST; T INDICATES TENSION TEST. 
NOTE: ALL PILES EXCEPT PILE 7 EQUIPPED WITH STRAIN RODS. 
THE ACTUAL OUTSIDE DIAMETERS OF PILES 2, 4, 5 AND 6 WERE 20, 
16, 16, AND 18-INCHES, RESPECTIVELY. GUIDE CHANNELS FOR THE 
STRAIN RODS INCREASED THE EFFECTIVE DIAMETER ABOUT 1 IN. 
OVER THE ACTUAL OUTSIDE OI AMETER OF THE STEEL PIPE. 
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FIG. 3. PLAN OF PILE TESTS 


FIG. 4. GENERAL VIEW OF LOADING TESTS 
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uniform because of the variable nature of the silty soils and the presence of 
random clay strata in the silty materials. Therefore, it was considered ne- 
cessary to determine the load on a pile that could be carried in the underly- 
ing clean sand. In order to determine the distribution of load in the pile and 
the load carried in the sand during the tests, all of the test piles were 
equipped with strain rods except pile 7. 

The strain rods were mounted on the outside of the pipe piles and were 
protected by 4-in. channels welded continuously along opposite sides of the 
length of the pile. Details of the strain rods are shown on fig. 5. Six strain 
rods were installed on each of the test piles except piles 5 and 7. Only 5 
rods were installed on pile 5 because of its short length, and none were in- 
stalled on pile 7, which was filled with concrete before driving. The channels 
resulted in an increase in effective diameter of about 1 in, more than the ac- 
tual outside diameter of the steel pipe. Therefore, the pipe piles with actual 
outside diameters of 16, 18, and 20 in. had effective diameters of about 17, 
19, and 21 in., respectively. Strain rods were attached to the web of H-beam 
piles 1 and 3; therefore, the two 4-in, protecting channels had no effect on the 
outer dimensions of these two piles, Shortly before testing the pipe piles, the 
protective channels inclosing the strain rods were filled with water to reduce 
the effect of changes in temperature during the tests, 


Pile Driving 


Equipment 
A skid- mounted driver with 100-ft leads and a 100-hp boiler was used to 


drive the piles. A hammer with a Vulcan No. 0 frame and Vulcan No. OR 
ram was used to drive the test piles, The ram of this hammer imparted an 
energy of 30,200 ft-lb, weighed 9300 lb, and had a stroke of 39 in, 


Test Piles 


All test piles were driven vertically into sand except pile 5 which was 
stopped in the silty material overlying the clean sand, The average penetra- 
tion of the piles in sand was about 15 to 18 ft except for pile 1 which pene- 
trated 32 ft. 

A summary of the driving resistances for each pile is shown on fig. 6. 
The driving resistances were generally lower than had been anticipated on 
the basis of split spoon driving resistances. As previously discussed, the 
removal of 50 ft of overburden reduced the split spoon driving resistance 
considerably and presumably reduced the pile driving resistances according- 
ly. The driving resistances in the silty soils above about el -48 generally did 
not exceed 5 to 10 blows per foot. The top of clean sand at about el -50 was 
marked by a sharp increase in driving resistance of pipe piles, although only 
a minor increase in resistance occurred when the H-beam piles penetrated 
the clean sand, The final resistance for driving the piles the last 6 in. into 
sand ranged from 20 blows per foot for pile 3 to 96 blows per foot for pile 4. 

The final driving resistance of pile 5, which was founded in the overlying 
silt, was only 3 blows per foot. 
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Loading and Measuring Equipment 


Each loading installation consisted of a specially built jack pedestal 
mounted on top of the test pile, either one or two hydraulic jack rams mount- 
ed on the pedestal, and a platform to jack against, which was loaded with con- 
crete weights supported on 12 timber anchor piles. A 1-in, steel plate was 
welded to the top of each test pile and a thin layer of plaster of paris was 
used between these plates and the jack pedestals to level the tops of the 
pedestals. Pieces of 1/2-in.-thick plywood were used at the top of the hy- 
draulic jacks to provide uniform contact, The hydraulic jacks used were of 
200- and 300-ton capacity, Hydraulic jack pumps were located about 40 ft 
from the test piles for safety and were connected to their respective jacks 
with 1/4 in. ID high-pressure steel pipe and copper tubing. When two jacks 
were used on one pile they were connected together at the pile with one pipe 
to the pump. Calibrated Bourdon pressure gages, connected to the high- 
pressure pipe line at the jack pump, were used to measure the pressure on 
the jacks. 

The loading platform consisted of six 21-in., 62-lb, 16.5-ft-long I-beams 
placed center to center with two 30-in., 132-lb, 14-ft-long I-beams placed 
across and welded to the 21-in, I-beams symmetrically about the center of 
the platform. The 30-in. beams were placed 16 or 18 in, apart. For the 
compression tests the hydraulic jack or jacks operated against the two 30-in. 
beams beneath the platform. The anchor pile caps consisted of 12- by 12-in. 
timbers about 14 ft long with 12-in.-square steel plates 1-1/2 in. thick be- 
tween the steel I-beams and the timber caps. 

The platform was inverted as a unit for the tension tests and the hydraulic 
jacks were placed on top of the 30-in. I-beams. 

Specially built frames, shown on fig. 7, were mounted on each side of the 
piles to support the dials bearing on top of the strain rods. These frames 
were bolted to lugs welded to the piles. Long slots in the sides of the frames 
permitted adjustment of the dials over their respective rods. Dial gages 
reading direct to 0.001 in. were used on each strain rod. In addition to the 
dial frames, reference plates as shown beneath the vertical deflection gage 
on fig. 7 were bolted to the pile lugs. These plates served as contact surfaces 
for the stems of the dial gages used to measure the vertical movement of the 
piles. Two dial gages reading direct to 0.001 in. were used on each pile 
tested to measure the vertical movements of the tops of the piles. These two 
dial gages were attached separately with adjustable supports to a reference 
beam so that their stems rested on the reference plates at points diametrical- 
ly opposed. The dial supports were attached to the reference beam with C 
clamps and the arms of the support were made equal in length and as short 
as practicable. The reference beams shown on fig. 7 consisted of a 4-in. 
channel 16.5 ft long, reinforced with a slightly shorter 6-in, channel welded 
to the web of the 4-in. channel. The ends of the reference beam were sup- 
ported by 4- by 4-in, H-beams driven about 11 ft into the ground, One end of 
the reference beam was fixed and the other end rested on a smooth, rounded 
edge to permit contraction and expansion under varying temperature, The 
reference beam was kept shaded during the load tests. The beams were lo- 
cated as close as practicable to the test pile (about 1-1/2 in. away) and the 
anchors at the ends of the beams were placed as far as practicable from the 
timber anchor piles (about 5 ft). 

In order to check the settlement of the piles and determine whether the 
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FIG. 6 SUMMARY SF DRIVING RESISTANCES OF TEST PILES 
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FIG. 7. TYPICAL ARRANGEMENT OF REFERENCE BEAM, VERTICAL DEFLECTION 
GAGES, AND STRAIN-ROD GAGES 
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reference beams moved during the tests, periodic readings were taken with 
an engineers level on level rods attached at each end of the reference beam 
and one attached to each pile. A separate level was used for each pile being 
tested and the level tripods were set in 1-1/2-in. ID pipe 3 ft long that had 
been driven flush with the ground. The elevations of the levels were checked 
periodically during the testing with readings taken on a benchmark, located 
in the excavation, consisting of a pipe driven into the sand stratum below el 
-55. 


Compression Tests 


Loading Procedure and Observation of Pile Movement 


Concrete weights, about 5 to 7.5 tons each, were used as ballast on the 
platform and were placed on the platform prior to loading the piles. The 
platform load was placed in two increments for piles 2 and 4 in order to pre- 
vent an excessive increase in effective surcharge at the test pile tip resulting 
from the weight of the loaded platform on the anchor piles. The first incre- 
ment of load was placed on the platform before testing commenced and the 
second increment was added later in the test at a time when no load was on 
the pile, 

The piles were loaded in compression about two to three weeks after driv- 
ing. Loads were applied in 20-ton increments during the first portion of the 
test and in 15-ton increments during the last portion, It was intended that 
each increment of load remain on the pile for a period of 12 hours, or until 
the observed movement of the pile was less than 0.010 in. per hour, which- 
ever period was shorter. However, it was noted during the first loading 
period that practically 80 to 90 per cent of the movement occurred as the 
load was being placed on the pile and it was decided to hold each subsequent 
increment of load on the pile oniy one hour. In order to establish the elastic 
and net load movement curves for each pile, the load was removed from the 
pile at intermediate loads and the pile allowed to rebound, 

Continuous time-records of the pile butt, as determined from the average 
reading of two dial gages attached to the reference beam, were kept for each 
pile during the course of the tests. Similar time-movement records were 
kept for all strain rods. At periodic intervals the settlement of the pile butt 
was also measured by means of an engineers level, as previously discussed, 


Test Results 


Continuous records of pile load and movement vs elapsed time during 
compression tests on piles 1 and 2 are shown on fig. 8. Time-movement 
curves indicate that for all test loads the movement took place very rapidly. 

The compression test data for piles 1-6 are shown on fig. 9-11. Fig. 9 
shows the location of the strain rod anchors and distribution of applied butt 
load along the length of the pile based on strain rod observations. Plots of 
gross settlement and net settlement vs applied load are shown on fig. 10. 
Loads at the pile tip and in the silt and sand strata are plotted vs the move- 
ment of the pile tip as measured by the lowermost strain rod anchor (no. 1) 
on fig. 11. 


Load in Piles and in Soil Strata 
The loads in the pile along its length (fig. 9) were computed at selected 
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applied loads from the strain rod data. The applied loads are shown as solid 
dots at the top of the graph; the open circles represent loads computed from 
strain rod movements, It was assumed that no residual load existed in the 
pile immediately prior to testing. The load in the pile was computed from 
the following formula: 


P» EAT. 


where 
P = average load in pounds between any two strain rod anchors 


E = modulus of elasticity for steel (assumed = 29,000,000 psi) 
A = cross-sectional area of steel pile including channels in sq in, 
Ae = difference in observed strain in inches between adjacent strain 
rod anchors 
AL = distance between adjacent strain rod anchors in in. 


The accuracy of loads computed from the strain rod data is demonstrated 
by the close check of computed loads near the top of the pile and the applied 
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butt load. The load distribution curves represent the load in the pile along 
its length for different applied loads at the top of the pile (solid dots). The 
slope of each curve at any depth is a measure of the rate at which the load 
was being transferred from the pile to the soil at that depth and is a measure 
of the frictional resistance mobilized at that point. A study of the shape of 
the load distribution curves indicates that the applied pile loads are carried 
by skin friction in the silt stratum and by skin friction and tip resistance in 
the sands. A point of considerable interest is that the skin friction in the 
sands decreases near the pile tip. For pipe piles a large portion of the skin 
friction in the sands was developed near the top of the sand stratum. A pos- 
sible explanation for this fact is that mobilization of the tip resistance at the 
bottom of the pile may tend to reduce the lateral friction of the sand against 
the pile near the bottom of the pile. 

The amount of skin friction mobilized in the silts at any point along the 
pile can be determined by comparing the slope of the load distribution curves 
with the slopes shown in the insets in fig. 9. The effective circumference 
used in calculating skin friction between the pile and the silty soils was taken 
as the minimum peripheral circumference of pile and soil for the H-beams 
and pipe piles with channels, It was considered that the shear strength of the 
silts would be less than the shear strength developed between the pile and 
soil. The effective circumference used in calculating skin friction between 
the pile and the sands was also taken as the minimum peripheral circumfer- 
ence of pile and soil for the H-beams. However, the actual circumference 
along the contact surface between pile and sand was used for the pipe piles 
with channels, as laboratory tests indicated that the coefficient of friction be- 
tween sand and steel was less than that between sand and sand. The effective 
circumference of the piles in the sands is slightly greater than in the silts; 
therefore, the skin friction in the sands is approximately 5 per cent less than 
that indicated by the slope of the curves in the insets. 

From the observed test data, a curve of gross movement of the pile butt 
vs pile load was developed for each pile (see Fig. 10). These curves were 
used in estimating the failure load of the piles. Also shown on the same plots 
is the net settlement of the pile. The points representing the net settlement 
are the residual settlement remaining after the test load was removed from 
the pile and the pile was permitted to rebound, The difference between the 
gross settlement and the net settlement of the pile butt is the elastic com- 
pression of the pile. Elastic compression of the pile at any test load was 
taken to be equal to the rebound that occurred upon release of the test load. 
Also shown for comparison is the tip movement curve of the pile, which was 
determined from observations on the bottom strain rod anchor. Very good 
agreement was obtained between the tip movement and net settlement curves. 
The difference between the tip movement and net settlement curves at a given 
butt load is believed to be elastic compression in the pile resulting from 
locked-in stresses. 

From the “tip movement butt-load” curves (Fig. 10) and “distribution of 
load in pile” curves (Fig. 9), load vs tip movement curves were determined 
for the various soil strata and pile tip as shown on fig. 11. The loads carried 
by the pile tip and by the sand stratum are closely related to the tip move- 
ment as shown by the graphs on this figure. The load-deformation character- 
istics of the silt stratum are less accurately represented by the relationship 
with pile tip movement, as the tip movement is not representative of deforma- 
tions in the silt stratum. However, the latter plot is also shown for compari- 
son, 
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Pile Failure Loads 


Various procedures were used to obtain values for the pile failure loads 
and an average was taken of the values so obtained for each pile. The 
criteria used to select failure loads were as follow: 


a) The load which produced a plastic or net settlement of 0.25 in. 


b) The load indicated by the intersection of tangent lines drawn through 
the initial, flatter portion of the gross settlement curve into the steeper 
portion of the same curve, 


c) The load beyond which there was an increase in gross settlement dis- 
proportionate to the increase in load, 


d) The load at which the slope of the plastic or net settlement curve was 
four times the slope of the elastic deformation curve, 


e) The load beyond which there was an increase in plastic or net settle- 
ment disproportionate to the increase in load, 


The results of analyses of each test are given in table 1. Fig. 12 shows the 
failure loads plotted against effective diameter of each test pile. 

The load carried by the sand (point bearing and skin friction) at a pile tip 
movement of 0.25 in. was selected as a maximum safe value for design pur- 
poses. It may be noted from the load in sand vs tip movement curves (Fig. 
11) that this load is approximately 80 per cent of the maximum load. The 
maximum safe loads carried by the sand are shown in table 1. The load in 
sand vs effective diameter of the pile is also plotted on fig. 12. 


Required Sizes and Lengths of Piles 


In order to establish the required size and length of pile for carrying the 
design load of 100 tons in compression, curves of best fit were drawn through 
the plotted points for total failure load and total load in the sand vs effective 
pile diameter on fig. 12. Except for pile 1 (14-in. H-beam) the piles pene- 
trated about 15 to 19 ft into bearing sand. On the basis of this penetration 
and the data plotted on fig. 12, it is considered that a 20-in. pipe pile pene- 
trating 15 ft into bearing sand could carry the design load of 100 tons in sand 
with a factor of safety of 1.35. As test pile 1 carried a total load of 142 tons 
in sand with a 32-ft penetration, it was estimated that a 14-in. H-beam could 
carry the design load in sand with a 27-ft penetration, It was considered that 
a 20-in. precast concrete pile with a 12-ft penetration would have the same 
load-carrying capacity in sand as a 20-in. pipe pile with a 15-ft penetration. 
The shorter length for precast concrete piles as compared to the steel pipe 
piles is based on an estimated 40 per cent greater friction between concrete 
and sand, as compared to steel and sand, as obtained from laboratory shear 
tests. 

Approximate analyses utilizing laboratory consolidation data for the silts 
and settlement observations within the silt stratum beneath one of the preload 
fills indicate that the silt stratum beneath the structure is capable of carrying 
approximately 20 per cent of the design pile load without appreciable settle- 
ment over a long period of time. Therefore, on this basis, the piles are con- 
sidered to have a factor of safety of 1.5 to 1.6 against detrimental settlement. 
Such a pile will have a factor of safety of about 3.5 with respect to failure by 
plunging, based on mobilizing the full strength of the silts and sands. 
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On the basis of the load movement curves, no movement of the pile tip will 
occur as the load is applied; some minor elastic compression of the pile tip 
will occur, however. As the design compression load of 100 tons is eventual- 
ly transferred from the silts to the sands as a result of consolidation of the 
silts, the tip of the pile will settle approximately 0.20 in. The latter value is 
significant, as it indicates the magnitude of the probable settlement of the 
structure as a whole, 


Tension Tests 


Loading Procedure and Observation of Pile Movement 


Tension tests were performed on test piles 2 through 6 about two to three 
weeks after the piles were tested in compression. Loads were applied gener- 
ally in 20-ton increments, The piles were tested either to failure or to a 
maximum tension load of 200 tons. It was intended that each increment of 
load, except as otherwise indicated below, would remain on the pile until the 
rate of movement was less than 0.01 in. per hour, or for 12 hours, whichever 
period was shorter. Each increment of load was held for a minimum time of 
one hour. At intermediate loads the load was removed from the pile and the 
pile allowed to reach equilibrium. The rate of load application and removal 
was 1.0 ton per minute. 

Continuous time-movement records of the pile butt as determined from the 
average reading of two dial gae<s attached to the reference beam were kept 
during each tension test. Similar time-movement records were kept for all 
strain rods. The movement of the pile butt was also checked periodically by 
means of an engineer level as described for the compression tests. 


Test Results 


A continuous record of pile load and movement vs elapsed time during the 
tension tests on pile 2 is shown on fig. 13. The time-movement curves indi- 
cate that practically all movement of the pile took place very rapidly after the 
load was applied. 


Load in Piles and in Soil Strata 

The tension test data for each pile tested (except for pile 3) are shown on 
fig. 14 to 16 in a form similar to that employed for the compression test data. 
The data on these figures include the computed distribution of pile load, gross 
and net movement curves, and the load in the silt and sand strata vs the tip 
movement. 

The strains and corresponding load in the pile were computed at selected 
applied loads utilizing the time-movement records obtained for the strain 
rods and the same formula used in analysis of the compression test piles, 
The results of the strain rod analysis indicate that the load in the piles was 
apparently affected to a considerable extent by residual compressive stresses 
which had not fully dissipated after the compression tests, as manifested by 
unusually large and oftentimes erratic tensile strains within the pile during 
the application of tension loads. The computed loads in the pile, based on ob- 
served data, are shown for various loads on the pile on fig. 14. In general, it 
may be noted that scatter in the loads in the pile usually occurred near the 
top of the sand stratum where the intensity of load carried by the soil had 
been a maximum during the compression tests. This scatter may result from 
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residual compressive stresses in the pile and soil. In addition, it appears 
that the residual compressive stresses in the pile are less for those piles 
that failed by plunging than for those piles that were not carried to failure, 
as little or no scatter was present in the data for piles that failed by plunging. 
It is believed, however, that the estimated distribution of load in piles shown 
on fig. 14 is reasonably accurate. The load distribution curves indicate that 
the applied tension loads are carried by skin friction in both the silt and sand 
strata. The skin friction at any depth in the soil strata can be determined by 
comparing the slope of the load distribution curves with the slopes shown in 
the inset. As previously explained for the compression tests, the skin fric- 
tion in the sands is approximately 5 per cent less than that indicated by the 
slope of the curves in the inset. 

Curves of gross movement of the pile butt vs pile load are shown on fig. 15 
for various piles tested. These curves were used in estimating the failure 
load of the piles in tension. The net rise of the pile butt is also shown on 
these graphs, and is equal to the gross rise of the pile butt minus the elastic 
movement that resulted when the pile load was removed, Also shown for 
comparison on the same plot is the tip movement curve obtained from obser- 
vations on the bottom strain rod anchor. The tip movement curves and the 
net rise curves are in substantial agreement. As pointed out for the com- 
pression tests, the difference between the two curves at a given butt load is 
attributed to the elastic strain in the pile that results from locked-in stresses. 

Loads in the silt and sand strata are plotted on fig. 16 vs movement of the 
pile tip as determined from movement of the bottom strain rod anchor. 

These curves represent approximately the load deformation characteristics 
of the two strata. As brought out for the compression tests, the tip movement 
is not exactly representative of deformation in the silt stratum, 


Pile Failure Loads 


The failure loads of the piles in tension were based on an inspection of the 
gross and net rise curves for the load beyond which there was an increase in 
movement disproportionate to the increase in load. The failure loads thus 
obtained are shown in table 2, A second condition of failure also considered 
was based on limiting the gross rise to tolerable amounts. A gross rise of 
0.25 in, was taken to be the limiting criterion for this condition, As shown in 
table 2, the loads determined for the latter condition tend to be about equal to 
or smaller than the failure loads based on the net and gross rise curves, The 
failure loads vs effective diameter of each test pile are plotted on fig. 17. 
The 20-in, diameter pipe pile selected for the structure from the compression 
tests had a factor of safety of about 3 with respect to the ultimate capacity of 
the pile in tension. The other types of piles selected for the structure on the 
basis of compression test data also have comparatively high factors of safety 
with respect to the design tension load. 

The maximum tension loads for each pile that can be carried by the sands 
alone are also shown on table 2. These loads were based on a tip movement 
of 0.25 in. as determined by the strain rods. The maximum tension loads vs 
the effective diameter of the pile are also plotted on fig. 17. It appears from 
this figure that the sand alone is capable of carrying the design tension load 
with a factor of safety equal to 1.75 for the proposed 20-in.-diameter pile. 
The factors of safety for the other proposed piles are considered adequate. 
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Table 2 


Pile Failure Loads - Tension Tests 


Total Load 


Total Load on Pile in Sand at 
0.25-in. nspection of Curve 0.25-in. 


Pile Size, Type, Gross Rise Gross Curve Net Curve Tip Movement 
and Length tons tons tons tons 


2l-in.* pipe pile 
(65 ft) 106 135 135 75 


14-in, H-beam 
(71 ft) with 
bottom plate 28 


17-in.* pipe pile 
(66 ft) 


17-in.* pipe pile 
(45 ft) 


19-in.* pipe pile 
(65 ft) 


* Effective diameter of pile. 


Required Pile Driving Resistance and Length 


The capacity of the test piles in compression was computed from the fol- 
lowing dynamic pile driving formulas. These formulas are for a single- 
acting hammer and include a factor of safety as indicated, 


Engineering-News R= ed (F.S. = 6) 


Engineering- News 2wh (F.S. 


(Modification 1) R= 0.1 Pw 


Pacific Coast 


Uniform Building 12 R, L 
Code 


where 


allowable carrying capacity of pile in lb 
Ry = ultimate carrying capacity of pile in lb 

weight of falling mass in lb 

height of free fall of ram in ft 

set of blow in in. 

weight of driven pile in lb 


Pile 
— 
3 
4 
116 160 162 
5 
aa 56 55 55 --- 
112 135 140 65 
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length of pile in ft 

average cross-sectional area of pile in sq in. 

modulus of elasticity of pile material in lb per sq in. 
coefficient: 0,25 for steel piles, 0.10 for all other piles 


The pile driving records indicate that the driving resistance in the silts 
was only a small fraction of that developed in the sands. Therefore, it was 
considered that if any relationship existed between test capacities and capa- 
cities computed from dynamic pile driving formulas the relationship should 
be based on the failure load in sand, The driving resistance for the last full 
6 in. of driving was used in each formula, These values are given in table 3 
with the computed capacity, the failure load in sand, and the ratio of the fail- 
ure load in sand to the indicated formula capacity for each of the three pile 
driving formulas. The failure load in sand is the load carried by the sand 
stratum at 0.25-in. tip movement. 

As shown in table 3, the failure loads in sand are approximately 50 per 
cent greater than those computed from either of the Engineering-News formu- 
las. The Pacific Coast formula, which correlated well with observed tip ca- 
pacities for the Morganza Floodway control structure, indicated computed 
capacities for the compression test piles about 4 to 35 per cent greater than 
the observed capacity in sand, and averaged about 15 per cent greater. On 
the basis of these data the Pacific Coast formula was used to estimate re- 
quired driving resistances for the proposed types and lengths of piles to be 
used beneath the structure. 


Required Driving Resistances 

Required driving resistances were established for 20-in. pipe, 20-in. pre- 
cast concrete, and 14-in, H-beam piles from a consideration of pile capacities 
computed using the Pacific Coast Uniform Building Code formula, the relation 
between capacities computed from this formula and test failure loads (table 
3), and driving records of the test piles. T>* reduction in hammer efficiency 
due to inclination in driving the piles on a was also considered, Pile 
capacities were computed for a VulcanOR.. cer. The computed capacities 
were based on estimated average lengths of each type of pile. 


Shear Strength of Soil Strata 


Silt Stratum 


Compression Tests 

The observed distribution of shear stress in the soil adjacent to the piles 
was not uniform but generally decreased from a maximum at the top of the 
pile to a minimum at the tip of the pile. Furthermore, with increasing load 
on the pile, the maximum shearing resistance of the silty soils adjacent to 
the pile moved progressively downward (fig. 9). 

The average unit skin friction of the silts was computed for each pile from 
the portion of total load carried by the silt stratum, and the vaiues are tabu- 
lated below. Also shown are the maximum values of unit skin friction deter- 
mined from the maximum slope of the load distribution curves for the same 
pile load used in determining the average unit skin friction. 
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Minimum Strain in Silts 
at 0.20 in. Unit Skin Friction Average K 
Pile Load Silt Stratum Load Average Meximun for 


Pile tons T/sqg ft T/sg ft pg = 28° 
140 0.70 


1 

2 

3 93 3 0.5 
4 143 66 1.08 
5 
6 


0.62 

172 0.65 0.73 
0.38 


118 0.65 
190 0.94 
Average (excluding pile 3) 


The average and maximum unit skin frictions are appreciably lower for pile 
3 than for the other piles, The skin friction in the silts was probably reduced 
for pile 3 (14-in. H-beam with bottom plate) because of a zone of loose mate- 
rial that is believed to exist between the flanges of the H-beam as a result of 
the plate on the bottom of the pile. 

The observed distribution of unit skin friction in the silty soils at piles 1, 
2, 4, and 6 is shown on fig. 18. Also shown are the average unit skin friction 
and the unit skin friction computed from theoretical concepts and the design 
shearing strength. 

The coefficient of earth pressure, K, at any depth in the silt stratum was 
computed from the formula 


s 


s = unit skin friction of the silts at depth D 

Y = effective unit weight of the silts based on 
piezometric data 

K = coefficient of earth pressure 

¢ = angle of internal friction (= 28°) 


Average values of K shown on fig. 18 and in the above tabulation were com- 
puted for each pile from the corresponding average unit skin friction using 
the average value of 7D for the portion of the pile embedded in the silty soils 
and a @ = 28°, The average value of K was about 1.6 for the compression 
tests. 


Tension Tests 

Unit skin friction along the portion of the piles in the silt stratum and 
values of K were computed for the tension tests in a manner similar to that 
used for the compression tests, and are tabulated below. 


Minimum Strain in Silts 
at 0.20 in. Unit Skin Friction Average K 
Pile Load Load in Silt Average Maximum for 
tons T/sqg ft T/sq ft ¢g = 26° 

0.35 0.58 
0.23 0.26 
0.52 0.58 
1.25 0.62 


19 : 0.42 
Average (excluding pile 3) : 0.62 0.63 


ASCE 
1.58 
0.90 
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The maximum unit skin friction averages approximately 2-1/2 times the 
average unit skin friction, Comparison with similar analyses for compres- 
sion tests shows that the K for the compression tests was approximately 2.5 
times greater than during the tension tests. With compression loads the 
lateral earth pressure exceeds the effective overburden pressure and tends 
to approach a passive value. For tensile loads the lateral earth pressure 
was less than the effective overburden pressure and was approximately equal 
to an at-rest value, 


Sand Stratum 


Compression Tests 

The load carried by the sand was divided into two portions: that carried 
by skin friction along the sides of the pile, and that developed by virtue of 
compressive forces at the pile tip. As previously noted, the maximum skin 
friction in the sands appears to exist in the upper portion of the sands above 
the pile tip, with a lower skin friction near the pile tip. Therefore, a large 
difference may be expected between the average and maximum unit skin fric- 
tion developed by the sand. The average and maximum skin friction at a tip 
movement of 0.25 in. are tabulated below for those piles penetrating into sand. 
The average skin friction in the sands was determined from the relationship 
(shown on fig. 11) between pile load carried by skin friction in sand and the 
pile tip movement. The maximum skin friction in the sands was determined 
from the maximum slope of the “distribution of load in pile” curves shown on 
fig. 9. Also shown below are computed values of K for the sand, 


Unit Skin Friction in Sand Average K 
Average Maximum for 


T/sg ft T/sq ft = 36° 


0.32 0.25 
0.42 0.32 
0.10 0.08 
1.64 1.38 


0.43 0.37 
Average, excluding 


Pile 3 0.75 0.58 
Average, excluding : 
Piles 3 and 4 0.39 - 0.31 


Both the average and maximum unit skin friction for pile 3 (14-in. H-beam 
with bottom plate) were much lower than the average of the group. As previ- 
ously mentioned, a zone of loose material may have formed above the bottom 
plate, thereby reducing the shear strength of the sands around this pile. On 
the other hand, the skin friction in sand for pile 4 was considerably higher 
than the average and accounts for the large total failure load for this pile. 
Pile 4 also exhibited the highest driving resistance and it is probable that the 
high values of skin friction in the sand for this pile may reflect the presence 
of a dense pocket of sand, or possibly a gravel pocket with a high shearing re- 
sistance. Excluding the results from piles 3 and 4, the average and maximum 
values for unit skin friction are 0.39 and 0.70 ton per sq ft, respectively, and 
the average value of K is 0.31 based on an average laboratory shear strength 
of @= 36° for the sand. It may be noted that the maximum unit skin friction 
is approximately twice the average unit skin friction. A comparison between 
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the average values of unit skin friction in sand and the corresponding values 
for silt indicates that the average unit skin friction for silt was about 1.7 
times that for sand. The lower unit skin friction in the sands may reflect the 
pattern of shearing failure beneath a pile tip as suggested by Terzaghi.4 
Compressive forces at the pile tip result in a zone of radial shear beneath 
the pile tip causing a radial movement of the wall which will tend to reduce 
the lateral earth pressure and skin friction of the sand on the surface of the 
pile immediately above the tip. From the load distribution curves, it appears 
that the skin friction is significantly reduced for a distance of 6 to 12 ft above 
the pile tip. 

The tip load vs tip movement curves are shown on fig. 11. The tip load at 
0.25 in. tip movement averages approximately 65 per cent of the total load 
carried by the sand. The theoretical tip load of a pile penetrating into sand 
is given by Terzaghi’s formulas: 


Circular piles: Q = 7R? (yD Nq+ 0.67 R Ny) 


Square piles: Q-=4R? (yD N,+0.87 R Ny) 


in which N, and Ny are bearing capacity factors for a given angle of internal 
friction, Y s,) is the Y ettective surcharge at the pile tip, and R is the radius of a 
circular pile or half the width of the square pile, The terms 0.6 ¥ R Ny and 
0.8 Y R Ny in the above formulas have little effect on the computed bearing 
capacity of piles and were neglected. An attempt was made to evaluate the 
shearing strength of the sand by means of the above formulas. Using the ef- 
fective surcharge at the pile tip and the tip capacity at 0.25-in. tip movement, 
the following values of shear strength in terms of an angle of internal friction 
were computed for the sand. 


Angle of 

Internal 

Friction 


Effective Surcharge 
D lb/sa ft 


Tip Capacity Unit Tip Capacity 


Tons T/sq ft 


Pile 


33 
28 
29 
31 
22 
31 


Average 


The average ¢ value is lower than the average ¢of 36° obtained from the 
laboratory tests on the sands. However, it should be noted that the maximum 
tip resistance was developed at movements considerably greater than 0,25 in. 
The average computed angle of internal friction, based on the maximum tip 
resistance, was found to be approximately 33°, which agrees closely with the 
laboratory value, The unit tip load for the H-beam piles was computed using 
the combined areas of steel and soil inclosed by the flanges of the pile. The 
unit tip load of the pipe piles was computed using the area of the pile tip plus 
the projected area of the channels inclosing the strain rods. 


4. “Soil Mechanics in Engineering Practice,” by Terzaghi and Peck, J. Wiley 
and Sons, 1948 New York. 
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Tension Tests 
In the tension tests all of the pile load in the sand was carried by skin 
friction. The average skin friction in sand was computed from the load in 
sand at a tip movement of 0.25 in. as shown by the curves in fig. 16 and as 
tabulated below for each pile penetrating into sand. The maximum skin fric- 
tion in the sand was determined from the slope of the “distribution of load in 
pile” curves shown on fig. 14. Also shown below are the computed values of 
K for ¢ = 36°, 
Unit Skin Friction Average K 
Average Maximm for 
Pile T/sqft T/sq ft = 36° 
0.63 1.25 
0.31 0.75 
1.32 2.20 
1.70 
Average, 0.93 1.72 
excluding pile 3 
Average, exclud- 0.73 1.48 
ing piles 3 and 4 


3 


Thus the average skin friction of the sands is probably about 0.75 ton per sq 
ft with a maximum value of about 1.5 tons per sq ft. Based on the average 
laboratory shear strength of ¢ = 36° for the sands, the coefficient of earth 
pressure K for piles in tension was about 0.7. This value is about twice the 
coefficient of earth pressure calculated for the sands on the basis of the com- 
pression tests. As previously discussed, it is considered that the lateral 
earth pressure in the sands during the compression tests was reduced as a 
result of the failure pattern below the pile tip. Good agreement for the ten- 
sion tests exists between the coefficient of earth pressure obtained for the 
silts (K = 0.63) and the coefficient of earth pressure for the sands (K = 0.7). 


CONCLUSIONS 


On the basis of the pile load tests, the following piles were considered 
satisfactory for carrying the design loads of 100 tons in compression and 
40 tons in tension: 


Penetration in Bearing Sand 


Type Pile 


20-in. steel pipe 
20-in, precast concrete 
14-in. 73-lb/ft steel H-beam 


The settlement of the structure on piles should be relatively small, con- 
sisting of elastic compression of the piles during construction and eventual 
settlement of the pile tips of about 0.20 in. The settlement will occur as the 
load is gradually transferred from the silts to the sand as a result of con- 
solidation of the silts. It is believed most of this settlement will occur dur- 
ing construction, 

The estimated average unit skin friction in the silts is 0.64 ton per sq ft 
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for the piles tested in compression and 0,26 ton per sq ft for the piles tested 
in tension, The estimated average unit skin friction in the sands was about 
0.4 ton per sq ft for the piles tested in compression and 0.75 ton per sq ft for 
the piles tested in tension. 

The average angle of internal friction of the sand computed from bearing 
capacity formulas and the maximum load carried by the pile tip was 33°, 
which checks closely that obtained by laboratory shear tests. 

The strain rod installation proved to be a satisfactory and reliable method 
for determining the distribution of applied load in the silt and sand strata. 
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FOUNDATION STUDIES FOR DELONG PIERS 
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SYNOPSIS 


The results of experimental investigations of the bearing capacity of 6-ft- 
diameter pier barge spuds in three types of foundation soils are presented. 
Bearing capacities computed from existing formulas for large cylindrical 
piers and results of field penetration tests are correlated with measured 
bearing capacities of the spuds. 


INTRODUCTION 


The DeLong pier is a recent development combining a prefabricated barge- 
like hull and large steel spuds with pneumatic jacks by means of which, under 
suitable conditions, the hull may be jacked up out of the water to form a pier 
or wharf in a few days’ time, as shown in Figure 1. The piers have been 
used commercially and by the military to a very limited extent, and it seems 
probable they may have a wider military application. Among the uses en- 
visioned are rapid installation for resupply after major amphibious landings 
and enlargement of existing ports. 

In 1953, the Waterways Experiment Station participated in trials of the 
DeLong pier made by the Corps of Engineers, U. S. Army, in the vicinity of 
Norfolk, Virginia. This paper describes the foundation studies made as a 
part of these trials. The primary purpose of the foundation tests with the 
DeLong pier was to determine the limiting soil conditions that would permit 
raising the pier and the depth of spud penetration that would be obtained in 
different types of soil. The secondary purpose of the tests was to correlate 


Note: Discussion open until March 1, 1957. Paper 1080 is part of the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 82, No. SM 4, October, 1956. 

1. Chief, Embankment and Foundation Branch, Soils Div., Waterways 
Experiment Station, Corps of Engrs., U.S. Dept. of the Army, Vicksburg, 
Miss. 

2. Chief, Inspection and Exploration Section, Embankment and Foundation 
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bearing capacity of the spuds with exploration methods and establish rela- 
tively simple criteria which could be used in the field without benefit of 
exhaustive laboratory tests and lengthy computations. 

The DeLong pier used in the tests was a 900-short-ton barge unit, 250 ft 
long by 60 ft wide by 10 ft deep, equipped with mechanical grippers, air jacks, 
and 12 spuds for raising the barge, each 6 ft in diameter and 100 ft long, 
which operate through wells located around the outer perimeter of the barge 
(see Fig. 1). The spuds were constructed of 3/4-in. steel plate. All spuds 
had 1-1/2-in. holes drilled through the sides at 10-ft intervals to equalize 
hydrostatic pressures inside and outside the spuds. Ten of the spuds were 
equipped with steel diaphragms located 10 ft from the bottom. One of the 
other two spuds had a diaphragm at the bottom, and one was an open-end 
spud without a diaphragm. The foundation tests were conducted using two 
of the spuds having diaphragms 10 ft from the bottom, the spud with the 
diaphragm at the bottom, and the spud without a diaphragm. The three types 
were designated as follows: 


Spud A - open end, no diaphragm 
Spud B - diaphragm at bottom 
Spud C - diaphragm 10 ft from bottom 


An air jack, attached to the deck of the barge by tie rods, was provided at 
each spud well for driving the spuds into the foundation and to lift the barge 
up on the spuds. The jacks were operated by compressed air, usually at 150 
psi. Following initial penetration of the spuds into the foundation soil, the 
air jacks were set in operation and started to lift the barge up on the spuds. 
As the weight of the rising barge bore on the spuds they penetrated into the 


soil until they developed sufficient bearing capacity to support the dead 
weight of the barge and spuds. The barge then was jacked up on the spuds to 
the desired height and the mechanical grippers, provided for each spud, 
activated to hold it in place. 


Site Investigation 


Three tests were conducted in the vicinity of Norfolk, Virginia in 1953 
which included foundation conditions ranging from firm silty sand through 
silty clays and clay silts to very soft organic silty clays or muds. Test site 
1 was selected for the firm sand foundation in an area which had been 
dredged to El. -20 to -25 M.L.W. in recent years. It was found during the 
tests at this site that 5 to 8 ft of very soft fat clay had been deposited in the 
area since the dredging operations. This clay was so soft that it offered 
very little resistance to penetration by the spuds or exploration apparatus. 
The soil under the soft clay was a 5- to 10-ft layer of firm silty sand with 
shell fragments, in turn underlain by firm clay with shells and sand lenses, 
which gave a firm foundation on which the pier was raised readily and ful- 
filled the purpose for which the site was intended. Test site 2 was selected 
for the medium-soft silty clay or clay silt foundation. It was found that very 
soft and soft clays extended from the mud line at approximate El. -20 M.L.W. 
to approximate El. -58 M.L.W., with silty sands extending from El. -58 to 
-86 M.L.W., which was the maximum depth of exploration. Test site 3 was 
selected for the condition of soft organic silts or muds. It was found that 


i 
| 
. 
~ 


1080-4 SM 4 October, 1956 


very soft and soft fat clay extended from the mud line at El. -10 M.L.W. to 
approximate El. -90 M.L.W. Soil profiles at each of the test sites are shown 
in Figures 2, 3, and 4. 

One undisturbed boring was made near the center of the pier barge at 
each test site. Soil samples were taken with a 5-in.-diameter thin-wall 
fixed-piston sampler in cohesive soils and with a 3-in. thin-wall fixed-piston 
sampler in the cohesionless sandy soils. A split spoon boring was made at 
each end of the barge at each site. Samples were obtained with a 2-in. OD, 
1-3/8-in. ID split spoon sampler using drill rods as drive pipes. The 
sampler was driven 18 in. for each sample through the use of a 140-1b drive 
hammer operating with a fall of 30 in. The number of blows for each 6 in. of 
drive were counted and recorded. The sampler was operated inside a stand- 
ard BX flux-joint drill casing. The penetration resistance of the casing was 
determined by driving it with a 300-lb hammer falling 18 in. 

Static and dynamic cone soundings were made at each of the three sites 
tested. Static tests were made with an encased sounding rod which permitted 
determination of both point resistance and accumulated skin friction. The 
sounding rod was similar in design and dimensions to the Dutch sounding rod 
widely used in Holland,’ with the exception that the cone and outer tubing were 
1-5/16 in. OD. The sounding rod was pushed into the soil by means of the 
hydraulic feed on a motorized drill rig and the resistance to penetration was 
measured by means of a calibrated double-range proving frame. One such 
sounding was made at each end of the pier barge at each test site. 

One dynamic cone sounding was made near the center of one side of the 
pier barge at each test site. The sounding rod was 1-5/16-in. diameter 
fitted with a solid 60-degree cone point, also 1-5/16 in. in diameter. The 
rod was driven by means of a drive hammer weighing 140 lb and falling 30 in. 
The locations of the borings and cone penetrations made at each site are 
shown in Figure 5. 

Laboratory classification tests including mechanical analyses, water con- 
tents and Atterberg limits were made on the soil samples from the undis- 
turbed and split spoon borings. All soils were classified according to the 
Unified Soil Classification System of the Corps of Engineers. These tests 
showed the stratification of the soil underlying each test site to be very 
uniform for the area covered by the pier barge. Some minor irregularities 
were evident in the major strata penetrated by the spuds, as is to be expected 
in natural formations. 

Both undisturbed and remolded unconfined compression tests were made 
on the cohesive soils penetrated by the spuds, in order to determine the shear 
strength and sensitivity of the soils. 


Spud Penetration Resistance 


Penetration resistance was determined at each site on each of the test 
spuds previously described. Each of the tie rods on the air jacks used for 
driving the test spuds was equipped with SR-4 electrical strain gages for use 
in measuring the force required to jack the spuds into the soil. The total 


3. “Subsurface Exploration and Sampling of Soils for Civil Engineering 
Purposes,” Figures 15 and 16. Waterways Experiment Station, CE, 
November 1949. 
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driving stress on any one test spud could be obtained at any time by taking 
readings on the SR-4 strain gages by means of a continuous-recording multi- 
channel oscillograph. The penetration resistance of each test spud was ob- 
tained for approximately each half-foot penetration during driving of the spud 
by adding the effective weight of the spud to the recorded stress on the tie 
rods. The test spuds are shown in plan in Figure 5 and at maximum penetra- 
tion in Figures 2 through 4. Plots of spud penetration resistance wiih cepth 
at sites 1, 2, and 3 are shown in Figures 6, 7, and 8, respectively. 

The average of the loads on the spuds as determined by means of the strain 
gages agreed reasonably well with the leads computed from known weights. 
The tabulation below gives computed weights for one side of the barge and the 
corresponding loads as determined by strain gage readings during test opera- 
tions at site 3. 


Weights per One Side of Barge 
Calculated Strain Gages 
kips kips 


Barge and equipment 1179 1298 


6 ft of water in 
compartment 1795 1825 
Total 2974 3123 


The rated capacity of the air jacks operated with an air pressure of 150 psi 
was 300 kips. The average stress per spud measured by the strain gages at 
refusal in driving the test spuds was 332.2 kips at site 1 and 338.4 kips at 
site 2. The foregoing comparisons indicate reasonably close agreement be- 
tween computed loads and the loads measured by the strain gages. 


Computed Bearing Capacity of Spuds 


In analyzing the bearing capacity of the spuds the assumption was made 
that they act in the same manner as large piles or cylindrical piers. The 
type A spud with no diaphragm had a 3/4 in. ring approximately 6 in. high 
welded inside the bottom of the spud. This would partially relieve soil pres- 
sures acting on the inside wall of the spud as it penetrated the soil. None- 
theless, for this type of spud the supporting forces were assumed to come 
from skin friction acting on both the inside and outside wails of the spud until 
sufficient skin friction developed inside the spud to form a soil piug, after 
which the spud would be supported by end bearing on the soil plug and skin 
friction on the outside walls. In the case of type C spuds with the diaphragm 
10 ft above the bottom, it was assumed that a plug of soil wouid coilect in the 
space below the diaphragm at a 10-ft embedment and the spuds then would 
act essentially the same as type B, which had the diapnragm at the bottom, 
and that these two types of spuds would derive their support from skin fric- 
tion on the outer walls of the spuds and end bearing at the base of the spuds. 

The bearing capacity of all spuds was computed by the equation for bear- 
ing capacity of cylindrical piers as given in Terzaghi and Peck; as given 


4. Terzaghi, K. and Peck, R, Soil Mechanics in Engineering Practice. 
John Wiley and Sons, 1948, p. 176. 
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below. This formula is an approximate one, as the stress conditions in the 


soil are not completely known; also it is not possible to define completely the 
shear strength of the soil. 


Qg=™ r2(1.3 +7 Ds Ng + 0.67 rN,)+2%r De 
where 


ultimate bearing capacity 


radius of spud 


cohesion of soil 


unit weight of soil 


skin friction 


depth of embedment of spud 


N. N. N= factors dependent upon the shearing strength 
c 4.5 of the soil and evaluated in charts in the 
referenced publication 


Some disturbance wi!l occur as the spud is forced into the soil, and it was 
assumed that the remolded strength of the soil would be effective in develop- 
ing skin friction at the time the penetration was made. The end bearing of 
the spuds was assumed to mobilize the undisturbed strength of the underlying 
soil, inasmuch as it has not been penetrated by the spuds. Thus it was felt 
that the soil below the spud, except as noted for site 3 below, could be con- 
sidered as undisturbed. 

Computations of spud bearing capacities at the three sites were made in 
accordance with the considerations set forth in the preceding paragraph and 
the results are shown in Table 1. Values of undisturbed and remolded soil 
strengths were determined from results of unconfined compression strength 
tests on the clays at sites 2 and 3 and reasonable values of the angle of in- 
ternal friction were assumed for the silty sands at all sites, inasmuch as no 
tests were run on these materials. Strength values for the clays at site 1 
were also assumed. Assumed values of soil strength are shown in Table 1. 
It may be noted that two strength values have been assumed for the soils 
such that the two values of computed spud penetration resistances bracket 
the actual measured values. The range of strength values in all cases is 
compatible with past experience of what the strength should be in these types 
of materials. The spud penetration resistances as determined by strain gage 
readings also are shown in Table 1. Measured penetration resistances of the 
spuds were taken at refusal for sites 1 and 2. At site 3 the resistance was 
measured at the maximum depth of penetration obtainable with the 100-ft- 
length spuds. 

At site 1 it was evident that spud A was not supported by skin friction 
alone and it was also apparent from preliminary computations that the lower 
clay layer with shells must be exhibiting frictional strength in addition to its 
cohesive strength. Visual inspection of this clay showed numerous silty and 
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sandy lenses which could provide frictional resistance. It was deduced from 
the results of computations that the plug of soil entering spud A at site 1 
developed enough skin friction inside the spud to permit the bottom of the 
spud to act as a solid diaphragm. Computations on spud B assuming end 
bearing only (this spud stopped at the top of the silty sand) gave good agree- 
ment with measured results. The two C spuds had computed penetration 
resistance values that agreed reasonably well with the measured values, 
assuming skin friction and end bearing both to be acting. 

At site 2 the remolded strength of the clay layer was determined from 
laboratory tests. The strength of the silty sand at this site was assumed to 
be less than at site 1 because of the absence of shells and the presence of 
numerous clay lenses approximating 30 per cent of the material. As at site 1, 
skin friction on spud A did not account for all of its measured penetration 
resistance, and end bearing was assumed to be acting. Assumed values of 
angle of internal friction of 16° and 20° for the silty sand gave computed 
resistances that bracketed the measured value. There was excellent agree- 
ment between computed and measured penetration resistances for spuds B 
and C at this site, assuming an angle of internal friction of 20° for the silty 
sands. In view of the agreement obtained for spuds B and C it is possible 
that end bearing was not fully mobilized in spud A, which would account for 
the lack of agreement in those computations. 

At site 3 it was assumed that spud A was acting in skin friction only and 
that the remolded strength of the soil would apply. The computed value 
checked the measured value exactly. The same assumption was made for 
skin friction strength for spuds B and C and it was first thought that the un- 
disturbed strength of the clay below the spuds would govern in end bearing. 
However, computations showed that the calculated resistance was too high 
for this condition and a recomputation was made using the remolded strength. 
The recomputed value was in reasonably good agreement with the measured 
value, but slightly higher. 

In summary, there was reasonably good agreement between the computed 
penetration resistances of the spuds and the measured values. The discrep- 
ancies noted were, at least in part, the result of the values assumed for soil 
strength in those cases where test data were not available. Small differences 
in the assumed angle of internal friction made substantial differences in the 
computed penetration resistances. As previously stated, the Terzaghi bear- 
ing capacity formula used in the basic computation is approximate, and in 
view of the uncertainties associated with any bearing capacity formula it was 
desired to check the computations by at least one other formula. Accordingly, 
formulas presented by Meyerhof* were selected for trial. These formulas 
are not repeated here but may be found in the referenced publication. 
Meyerhof gives equations and charts for determination of end bearing in 
cohesionless (sand) and cohesive (clay) soils but does not present a solution 
for a soil having both frictional and cohesive strength. 

For purpose of checking, spuds B and C at site 1 were selected for the 
cohesionless case. Results of computations, including skin friction, were as 
follow: 


5. Meyerhof, G. G., “The Ultimate Bearing Capacity of Foundations,” 
Geotechnique, vol II, no. 4, Dec 1951, London, 
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Resistance in kips 
Spud Terzaghi Meyerhof Measured 
B 332 490 360 
C 469 673 435 


It may be seen that the values computed by Meyerhof’s equation are con- 
siderably in excess of both the measured value and that computed by the 
Terzaghi equation. Furthermore, in computing the value by Meyerhof’s 
equation, a friction angle of 30° was used for the soil, because the chart for 
evaluating one factor was based on this value, whereas the Terzaghi computa- 
tion was based on an assumed friction angle of 33° (see Table 1). Thus the 
value computed by the Meyerhof equation would be even greater for a friction 
angle of 33°. However, it should be pointed out that the use of the Meyerhof 
equation for the soil conditions at site 1 may not be appropriate, inasmuch as 
spud B penetrated only slightly into the sand, and for this condition the failure 
surfaces postulated by Meyerhof would extend up into the overlying soft clay, 
thereby reducing the actual bearing capacity below that which was computed. 
In the case of spud C, the bottom is close to the lower boundary of the sand 
stratum and for this condition the failure zone would extend down into the 
underlying soft clay, again reducing the actual bearing capacity. 

The average penetration resistance of spuds B and C at site 3 was selected 
to check the bearing capacity for the cohesive soil case. These computations 
showed the following results: 


Resistance in kips 
Spud Terzaghi Meyerhof Measured 


BandC 208 220 220 


The foregoing computations serve to amplify the contention that bearing 
capacity formulas at best give only approximate results and that greater 
caution should be exercised in using such formulas to predict bearing 
capacity values. In summary, for the case of cohesionless soils the 
Terzaghi formula appeared to give more reasonable values of bearing 
capacity than the Meyerhof formulas. Both formulas appeared to give 
satisfactory values for cohesive soils. The data do show that with sufficient 
information on the strength and character of the soils from undisturbed bor- 
ings it would be possible to compute the approximate penetration of the spuds 
for a given set of loading conditions. 


Field Data Correlations 


Several field exploration methods were tried in these tests to determine 
whether these procedures could be used to evaluate the spud penetration 
resistance in lieu of direct soil sampling and testing. These procedures 
included split spoon sampler penetration resistance, the resistance to casing 
penetration, and both dynamic and static cone soundings. In the discussion 
which follows, the results from these exploration procedures are correlated 
with the spud penetration resistance. In some cases, theoretical considera- 
tions indicated that the exploration method should best correlate with either 
the skin friction or the end bearing of the spud rather than the total resist- 
ance to penetration. For such cases the measured total spud penetration 
resistance was separated into skin friction and end bearing components by 
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computing skin friction according to the Terzaghi formula described above 
and substracting it from the total measured penetration resistance. 


Split Spoon Sampier Correiations 


The number of blows per foot on the split spoon sampler is sometimes 
considered a measure of the penetration resistance of soil. Correlations 
were attempted between blows per foot on the split spoon sampler and the 
end bearing of the spuds computed as described above, but no reliable rela- 
tionship was fourid; the results are shown at the bottom of Figure 9. This 
was especially true at site 3 where the sampler advanced without driving 
below the elevations where the spuds could support the pier barge. A check 
was made at sites 1 and 2 in the silty sands in an effort to determine whether 
there was any relationship between the number of blows on the split spoon 
and the bearing capacity of the spuds at refusal. The spuds had a bearing 
capacity of about 400 kips per spud at refusal. However, the blows on the 
split spoon sampler at corresponding elevations varied from 12 to 20. 
Therefore it was concluded that the split spoom sampler could not be relied 
upon to determine the supporting capacity or depth of penetration of the spuds 
for the De Long pier. 


Casing Penetration Resistance Correiations 


The biows per foot required to advance the casing were compared with the 
computed skin friction of the spuds at each of the three test sites. The re- 
sults of this comparison are shown at the bottom of Figure 10. It may be 
seen that there was a fairly good relationship between the two values. The 
spread shown is, among other things, probably the result of minor differ- 
ences in soil types between the spud and split spoon sampler boring locations, 
resulting in variations in soil strength from the values used in computing 
skin friction on the spuds. 


Static Cone Sounding Correlations 


The computed spud skin friction resistances were compared with the 
sleeve resistance of the static cone, since both are a measure of the resist- 
ance offered by a cylindrical shell being forced into the founaation. The 
resulting plots for each site are shown at the top of Figure 10. There appears 
to be good relationship between the two values. Theoretically, the two values 
should be related in the ratio of the diameter of the cone sieeve to the diame- 
ter of the spud (1.54.8). This relationship is shown as the lower limiting line 
at the top of Figure 10 and agrees very well with the lower range of the data, 
For field use the theoretical relationship appears to be satisfactory. Correla- 
tion aiso was attempted between the point resistance of the static cone and the 
computed end bearing resistance of the spuds. Data for comparison were ob- 
tainable at sites 1 and 2 and the results are shown at the top of Figure 9. The 
scatter of data is considerable. Theoretical relationship between the two 
values in this case should be the ratio of the squares of the diameters (1:3000). 
This line is also shown on Figure 9. It may be seen that the lines encompass- 
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ing the actual data are well below the theoretical line. In obtaining the plotted 
data, efforts were made to account for the influence of adjacent soil layers by 
averaging the data from 6 in. above to 1 ft below any given point. This procedure 
should have eliminated some scatter; however, considerable scatter remained 
after this adjustment. It therefore is believed that too much reliance should not be 


placed on the relationships shown in Figure 9 until additional data become ® 
available. Nevertheless, there appears to be a good relationship between the 

total static cone resistance and total spud penetration resistance and not too Fs 
great a spread in values between the three sites. These values are plotted 

in Figure 11. It is considered that the total resistance of the static cone ’ 


would be satisfactory to determine spud penetration and allowable load. A 
conservative average value of about 700 lb cone penetration resistance for 
each 100 kips of spud penetration appears to fit the data fairly well. : 


Dynamic Cone Sounding Correlations 


Blows per foot for the dynamic or drive cone were correlated with the 7 
measured total spud penetration resistance. The resulting plots are shown A 
in Figure 12. There appears to be a fair relationship between the cone values 
and spud penetration resistance, and the spread in values is not too large. 

The limited data on silty sands agree fairly well with the data obtained on the 
clays. 


CONCLUSIONS 


The test demonstrated that sufficient bearing capacity can be mobilized in 
firm soils (sands, silts, and stiff clays) to support the loaded pier. Soft clay 
deposits may not offer sufficient support to lift the pier with a reasonable 
length of spud. 

The load-carrying capacity of the pier and depth of penetration of the 
spuds are dependent on the type of soil and stratification of the foundation 
soil. If sufficient test data are available on soil strength it is possible to 
compute the approximate spud penetration and load capacity. This procedure 
is suggested for permanent pier locations. 

Total penetration resistance of the static cone and number of blows per . 
foot penetration of the dynamic cone showed good correlation with the total { 
measured spud penetration resistance in clays. Limited data indicate the 
same correlation would hold for the silty sands. Fairly good correlation 
was found in clays between blows per foot on the casing and the computed 
spud skin friction resistance, but this correlation was not established in the 


silty sands. The split spoon sampler and the point resistance of the static ‘es 
cone did not correlate with spud penetration resistance. These tools are not 
recommended for field use in determining the required depth of spud pene- 

tration or load-carrying capacity of the pier. 7 


The dynamic cone is favored for field use to determine spud bearing 
capacity and depth of penetration because of its comparative simplicity of i 
operation. A suggested field curve for the dynamic cone is shown in 
Figure 12. The data apply to clay soils, and application to other soil types 
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should be used with caution. The casing penetration resistance could also be 
used to determine spud penetration resistance and has the advantage that soil 
samples could be obtained during driving operations. However, it is more 
cumbersome to operate than the dynamic cone. 
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SOIL MODULUS FOR LATERALLY LOADED PILES 
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(Proc, Paper 1081) 


SYNOPSIS 


Using results from a lateral load test on a 24-inch pipe pile and laboratory 
tests on undisturbed clay samples, a tentative procedure for estimating the 
soil modulus of pile reaction is developed for problems involving transient 
loads. The correlation derived is based on the similitude on logarithmic 
paper of laboratory stress-strain curves and soil reaction-deflection curves 
from the pile test. 


INTRODUCTION 


The problem of determining the moments, shears and reactions of laterally 
loaded piles has received increased attention in recent years. There are two 
distinct elements to this problem, The first is the determination of soil 
stress-strain characteristics as they pertain to laterally loaded piles, and 
the second is the mathematical determination of the pile deflection curve 
once the soil characteristics are known. Several mathematical procedures 
are now available for computing the deflection curve and its accompanying 
moment and deflection diagrams. The most versatile of these is the differ- 
ence equation solution as devised by Palmer and Thompson, (1) subsequently 
generalized by Gleser(2) and recently extended by the authors.(3) However, 
the correctness of the results obtained by this, or by any other mathematical 
procedure, depends upon the validity of the stress-strain relationship as- 
signed to the soil for the purpose of analysis. 

If the pile deflection is called y and the depth below soil surface is called 
x, the general differential equation of the problem is 


(1) 


Note: Discussion open until March 1, 1956, Paper 1081 is part o1 the copyrighted 
Journal of the Soil Mechanics and Foundations Division of the American Society of 
Civil Engineers, Vol. 82, No, SM 4, October, 1956, 

1. Pres., McClelland Engrs., Inc., Houston, Tex. 

2. Chief Design Engr., McClelland Engrs., Inc., Houston, Tex. 
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The pile moment of inertia, I, and the modulus of elasticity, E, have the usu- 
al units of inches‘ and lb per r in2, respectively, whereas the reaction of the 
soil on the pile, p, has units of lb per in. This equation from the theory of 
beams is modified for the present problem by writing the following equation 
for the unit soil reaction, p 


p= -Eg y (2) 


Es is called the soil modulus of pile reaction and is by definition the ratio 
between soil reaction at any point and the pile deflection at that point. The 
value of Eg would be a constant only if the soil were a perfectly elastic 
material. It is known, however, that Eg usually increases with depth and at 
a given depth becomes smaller as the deflection increases. Previous inves- 
tigators have made various assumptions as to the variation of Es with depth. 
They have assumed Es to be constant with depth, (4) to be a linear function of 
depth(5,6) and to be an exponential function of depth.(1) It has been widely 
recognized that Es varies with deflection; however, all published studies to 
date have accepted as a mathematical necessity the erroneous assumption 
that Es is constant at any given depth. 

In 1952 a lateral pile load test was conducted for a major oil company by 
the Texas A & M Research Foundation.(7) The results of this study permit 
computation of actual values of Es over the significant depth range of the test 
pile and over a wide range of pile deflections for short duration loads, These 
data make possible for the first time a close study of the soil modulus of pile 
reaction. It is the purpose of this paper to give publication to the significant 
results of the test pile and to present a method whereby the soil modulus of 
pile reaction for transient loads can be predicted from laboratory tests. 


Description of Test Pile 


The pile test was conducted ai a site in the Gulf of Mexico about 4 miles 
off the Louisiana coast as illustrated on Fig. 1. Water depth at the site is 33 
feet and the soils there are post-glacial deltaic deposits of the Mississippi 
River. The test pile was a 24-inch diameter pipe driven to a penetration of 
75 feet below ground line. As shown on Fig. 2, the pile was driven about 8 
feet from the leg of an existing oil well drilling structure. A prefabricated 
pipe brace located just above the water line positioned the pile and provided 
restraint against horizontal movement of the pile at that point. Loads were 
applied by a hydraulic jack located about 6 feet above the ground line. Loads 
were applied in increments in two series, a “static” series and a “dynamic” 
series. Loads of the static series were held for 10 minutes each and ranged 
up to a maximum jack load of 113 kips. Loads of the dynamic series were 
held for a 5-second duration and ranged up to a maximum jack load of 97 kips. 
Electric SR-4 strain gauges were installed at 22 different elevations on the 
pile for measurement of bending strain. Seven of the gauge stations were lo- 
cated at 2-foot intervals between the jack position and a point 7 feet below the 
mudline. Thirteen other gauge stations were located below these at 5-foot 
intervals extending to the bottom of the pile. Two more gauge positions were 
located between the jack and the pipe brace at the top. A more complete 
description of the test apparatus is given in the report of the Texas A & M 
Research Foundation to the test sponsor. (7) 
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Test Pile Results 


The bending moment in the pile at each gauge station was computed by 
multiplying the measured strain by a constant. For each applied load these 
computations yielded a moment diagram such as that shown on Fig. 3. This 
curve represents results for an 80-kip static load on the jack. By graphical 
differentiation of the moment diagram the shear diagram was computed, The 
change in shear at the jack as determined by this method differed from the 
actual observed load on the jack by as much as 12 percent. Proportionate ad- 
justment of the shear diagram was made to correct for this difference. 
Graphical differentiation of the adjusted shear curve produced the soil reac- 
tion curve. Starting again with the moment curve, double graphical integra- 
tion produced the pile deflection curve shown on the right. In an actual design 
problem, it is the moment curve which will probably be of greatest interest. 
However, the two curves on the right of Fig. 3, the deflection and the reaction, 
are of major significance in this development. This is because the soil 
modulus Eg at a given depth is the ratio of values from these two curves at 
that depth. 

Significant results of the test pile investigation from the standpoint of this 
study are summarized by the curves on Fig. 4. Each curve is a plot of com- 
puted soil reaction versus pile deflection at a given gauge station or depth. 
These curves are similar in form and significance to the familiar stress- 
strain curves obtained from laboratory shear tests. The curves have an evi- 
dent family grouping and shift upward with increasing depth in a consistent 
manner. This shift is indicative of an increase in stiffness with increasing 
depth for the soils at the test site, 

The soil modulus of pile reaction by definition is the slope of a line con- 
necting the origin of this plot to any point on any one of the curves. Depend- 
ing upon the depth and the pile deflection, it is evident that the slope of such 
a line could vary from zero to almost infinity. This wide range in the ratio 
of reaction to deflection indicates the futility of assigning any single value of 
Es to a given soil. Considering any individual curve, which represents only 
a single depth, the variation of slope shows that the usual assumption of a 
constant Es at a given depth is less than satisfactory. 

To illustrate the variation in the soil modulus throughout the test, values 
of Es for each load and each gauge point were computed from the data on 
Fig. 4 and are plotted on Fig. 5. All values determined for the same load are 
inter-connected on this plot. These curves show that, for conditions attend- 
ing the pile test, Eg increases almost linearly throughout the significant depth 
range. Also clearly illustrated and perhaps of greater significance is the fact 
that Eg decreases appreciably as the load increases. The observed curves 
become erratic below the 12-foot depth where the deflection approaches zero, 
due to instrumental and computational errors. These variations are not con- 
sidered significant. As shown previously by the authors,(5) major errors in 7 
the value of Eg below the first point of zero deflection do not appreciably af- { 
fect the larger computed values of bending moment and deflection which will 
occur near the ground surface, 


Soil Properties 


General 
In an effort to determine a correlation between the test pile observations 
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and laboratory data, a continuous Shelby tube boring was made at the site and 
samples were subjected to a thorough laboratory study. As indicated by the 
boring log on fig. 6, a clay layer extends throughout the depth of the test pile 
and continues to a depth 146 feet below the mudline. This soil is part of a 
tremendous mass of clay less than 5000 years old, deposited by the Missis- 
sippi River in shallow marine waters. The moisture content plot, which in- 
cludes plastic and liquid limit values, shows the deposit to be of rather uni- 
form plasticity with the natural water content decreasing slightly with depth. 
The activity ratio of this deposit, the ratio of its-plasticity index to its per- 
cent finer than 0.002 mm grain size, is about 1.0, indicating a clay of medi- 
um activity. 

The shear strengths plotted on Fig. 6 are values determined from uncon- 
fined compression tests and from consolidated-undrained, or Qc, triaxial 
tests. For the latter tests each specimen was first consolidated under a 
lateral pressure, 73, approximately equal to its computed overburden pres- 
sure and then was tested at a strain rate of approximately 2 percent per 
minute, Overburden pressure was computed as 7x, where ? is the effective 
unit weight of the soil. Both groups of tests show a nearly linear increase of 
strength with depth; a corollary to this trend is the general reduction of 
liquidity index with depth. 

Results of remolded unconfined compression tests, not shown, indicate an 
average sensitivity ratio of 2.5 for this clay. Field vane tests at this and two 
other sites nearby revealed in situ shear strengths that compare very closely 
with values determined from Q@ triaxial tests. This comparison has led to 
the conclusion, which is pertinent to this study, that the Q, triaxial data ade- 
quately represent in-place soil strength characteristics. 

All of the foregoing characteristics are typical of soils found throughout a 
wide area covering several hundred square miles off the Southeast Louisiana 
coast. 


Stress-Strain Characteristics 


An examination of stress-strain data from all of the shear strength tests 
revealed that only the Q- data exhibited the same general characteristics in- 
dicated by the test pile data. Stress-strain data from triaxial tests are given 
on a logarithmic plot on Fig. 7. The deviator or compressive stress, 74 - 
03, which are simplicity is labeled a, , is shown versus axial strain,€. The 
number on each curve represents the confining pressure ¢3 in pounds per 
square inch and corresponds approximately to the overburden pressure 7x in 
each case. The rate of strain was manually controlled at about 2 percent per 
minute, Variations from this intended rate probably account for some of the 
irregularities in the curves. Despite these irregularities, each of the curves 
can be approximated by a straight line, Furthermore, there is noticeable 
parallelism between the curves, particularly for the four lower pressures. 
The curves shift upward with increasing pressure, indicating an increase of 
soil stiffness with depth as previously noted from the results of the pile test. 


Correlation of Test Pile and Triaxial Data 


In order that the laboratory data may be compared with the test pile re- 
sults, both sets of data must be expressed in a similar and dimensionally 
consistent manner. The test pile results presented on Fig, 4 are values of 
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soil reaction in pounds per linear inch plotted against values of pile deflec- 
tion in inches, The test pile soil reaction p may be converted to field soil 
stress in pounds per square inch by dividing it by the pile diameter b in 
inches. In like manner the pile deflection, y, may be converted to dimension- 
less strain if divided by any satisfactory multiple or fraction of the pile di- 
ameter in inches, 

On Fig. 8, the test pile data are replotted logarithmically after first con- 
verting them to stress and strain units. For this purpose the pile radius, 
b/2 or r, was selected as the devisor for converting pile deflection to field 
soil strain, This value was selected in order that field failure strains for 
the more important depths on Fig. 8 would be numerically comparable to the 
laboratory failure strains as on Fig. 7. By definition then, for this study, the 
field soil strain is 


y/r (3) 


The group similarity between the data on Fig. 7 and that on Fig. 8, which 
shows the laboratory results, is immediately recognizable. Both groups ex- 
press a soil stress-strain function rather than a pile property. It is reason- 
able to assume therefore that the numerical differences between these two 
groups of curves result from two causes: first, the dimensional difference in 
the soil masses involved in the two types of tests and, second, the differences 
in the two systems of loading. Expressed another way, it can be assumed that 
the factor, or factors, necessary to transpose a laboratory curve to make it 
numerically equal to a pile curve is independent of the soil characteristics, 
Such transposition factors would therefore constitute a correlation between 
laboratory and field conditions. If determinable, these factors should be 
equally applicable to triaxial data and to vertical cylindrical piles at other 
sites as well as at the test pile site, 

A direct comparison between the individual pile and laboratory curves can- 
not be made because the depths of the laboratory test specimens do not match 
the depths of the pile gauge stations. Interpolation is therefore necessary to 
obtain a curve from each source so that both represent the same depth. To 
facilitate interpolation, stress intercepts at one percent strain of the curves 
on Fig. 8 and the similar laboratory plot on Fig. 7 are replotted versus effec- 
tive overburden pressure (or confining pressure) on Fig. 9, The horizontal 
scale is confining pressure in the laboratory or overburden pressure in the 
field and may be interpreted as a depth scale. The vertical axis is the 
amount of soil stress in the field or in the laboratory required to produce one 
percent strain. The open circles are from the static pile loads and the closed 
circles are from the dynamic loads. The line labeled “field” represents a 
conservative interpretation of the pile data, The slope of this line is 5.5 
times greater than the slope of the line representing the laboratory data. 

The curves on Fig. 10 present a combined interpretation of the pile and 
laboratory data previously given. They show stress-strain relationships for 
both field and laboratory conditions under a vertical or confining soil pres- 
sure of 2 psi, corresponding to a depth of about 7 feet. The stress intercept 
at one percent strain for each curve was determined from Fig. 9. The slope 
of the Qe or laboratory curve is 0.61 which is the average slope of the four 
lowest curves on Fig. 7. The slope of the field curve is 0.59 which is the 
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average slope of the static load pile curves on Fig. 8. Because the two 
slopes are almost equal, it may be assumed that the soil stress on the pile, 
p/b, has a constant relation to the Qc laboratory stress, 94 , at equal soil 
strains and equal vertical or confining pressures. The dimensionless con- 
stant of proportionality from Fig. 9 is approximately 5.5. Thus at € = €p 
and 03 = 7x, 


p/b = (4) 


Eq. 4 implies that the ultimate lateral soil pressure which can be devel- 
oped is 11 times the cohesive shear strength or about twice the bearing ca- 
pacity of a shallow strip footing on the same soil. A comparison of the maxi- 
mum pressure indicated on Fig. 8 by the gauge at 7-foot depth and the shear 
strength at that depth on Fig, 2 substantiates this value, although lower ratios 
are indicated at lesser depths. 

The soil modulus at depth x is established by combining Eqs. 2, 3, and 4 to 
have the equation: 


E, ig (5) 


The substance of Eq. 5 is that the soil modulus at a depth x is about 11 times 
the secant modulus from a laboratory Q, test on a sample from that depth, 
confined at a lateral pressure of ¥x. The magnitude of the secant modulus, 
and thereby the soil modulus, depends on the extent of the strain, € , that is 
produced. 

It should be emphasized at this point that the linear increase of soil stiff- 
ness with depth exhibited by the data on Fig. 9 should be expected only in uni- 
form clay deposits which are more or less normally consolidated, It is not 
a necessary condition for application of the foregoing correlation between 
field and laboratory data, however. The stiffness of stratified deposits and of 
deposits which exhibit varying degrees of over-consolidation will certainly 
not be proportional to depth. The correlation coefficient just derived, how- 
ever, should still apply to laboratory Q, data from such deposits if the appli- 
cation is made only at actual sample depths, 

Other curves can be drawn through the data on Fig. 9 which will yield 
other correlation coefficients, The one derived is simple and conservative, 
based on the data available. 

Several portions of the preceding derivation are substantiated by other 
data not presented, Triaxial tests for two other drilling structures close by 
showed the same type and grouping of curves as plotted on Fig. 7. The aver- 
_ age slope of these other stress-strain curves on logarithmic plots are ap- 
proximately equal to the average slope of the four lower pressure curves on 
Fig. 7. Laboratory tests on Recent clay deposits at other widely separated 
locations in the Gulf have also shown similar curve groupings. 

The very carefully performed triaxial tests on sand by Chen(8) show 
stress vs. strain and stress vs. confining pressure relationships similar in 
form to the triaxial data presented on Figs. 7 and 9, There is encouragement 
from this that a correlation of the type derived here can be determined for 
laterally loaded piles in sand. No information is available at present, how- 
ever, as to whether the same numerical coefficient derived here for clay 
soils will be applicable to cohesionless materials. 
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Application of Correlation 


General Procedure 


The correlation coefficient which has been derived does not permit direct 
determination of the soil modulus of pile reaction at a specific depth in a 
given soil condition. It merely provides a means whereby triaxial stress- 
strain data applicable to a given soil depth can be converted to pile stress- 
strain data at that same depth. The soil modulus at a given depth will vary 
with deflection, Since the deflection of a laterally loaded pile at any particu- 
lar depth is a function of the applied load, the manner of load application and 
the pile stiffness, the soil modulus is also a function of these variables. 
Therefore, the correct soil modulus for a given set of conditions can be de- 
termined only by successive approximations of the pile deflection curve after 
the stress-strain characteristics of each soil stratum have been determined 
by laboratory tests. 

A problem of a laterally loaded pile can be analyzed by the following steps: 


1) Estimate the pile deflection curve as in Fig. lla. 

2) For several selected points above the estimated point of zero deflection, 
convert the depth, x, to vertical soil pressure, 7x, and convert the pile 
deflection, y, to strain, € ,, by Eq. 3. 

3) For the same selected depths plot logarithmic stress-strain curves 
from laboratory Q tests (performed at lateral pressures equal to the 
vertical soil pressures determined in Step 2), as in Fig. 11b. 

4) Determine laboratory stresses for values of strain €, equal to the field 
soil strain, € p, determined in Step 2. 

5) Convert each value of lab stress to field soil stress, p/b, by Eq. 4 as 
illustrated on Fig. 11b. 

6) The soil reaction, p, at each point may be computed in lb per linear 
inch from the field soil stress. 

7) Divide each soil reaction by the corresponding assumed pile deflection, 
following Eq. 2, to obtain the estimates of E, at the selected depths and 
plot these estimates versus depth as in Fig. llc. (Eq. 5 may be used 
directly instead of following Steps 5, 6 and 7 to secure estimates of E, 
at each depth.) 

8) Make a conservative simplification of the E, vs. depth relationship, as 
in Fig. llc, for use in a difference equation computation, 

9) Compute the pile deflection curve by the difference equation method; (3,2) 
recompute Eg as in Steps 1 thru 7, and compare these values with those 
used in the difference equation computation. 

10) If necessary, assume a new Eg vs. depth relationship and repeat Step 9. 
11) From the final deflection curve, compute pile bending moments, shears, 
and soil reactions. 


Steps 1 thru 7, with experience, can be omitted for the first approximation 
by immediately estimating a curve of Es vs. x. In normally consolidated 
soils, it has proved convenient to assume the slope, k, of an Eg vs. x line 
through the origin. Since the analytical studies have “shown that minor 
changes in the soil modulus have very limited effect on the computed moment 
and deflection, a very precise check in Step 9 is not required, and a reason- 
able comparison will be found satisfactory. If the E, values from the as- 
sumed deflection curve are lower than, but close to, those computed in Step 9, 
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the first computed deflection curve can be considered final and used in deter- 
mining the bending moment, shear, and reaction diagrams as desired. 
oh 
Illustrative Example 
The application of the correlation can be illustrated by the following exam- 
id ple. A 30-inch diameter pipe pile is driven to a penetration of 75 feet in an 
area of soils similar to those at the test pile site. The pile has a moment of 
inertia of 6223 in4; it is to be fixed against rotation at the ground line, and it 
: is to carry a transient horizontal load of 100 kips. It is desired to determine i 
the pile bending moments and deflections. 
To solve this problem, the deflection was first assumed as shown on Fig. oe “eg 


12a, Following the procedure just outlined, the Eg -depth curve, labeled No. 1 
in Fig. 12b, was computed using the triaxial test data on Fig. 9 and 10. This 
curve shows Eg, increasing rapidly in the vicinity of the 20-foot depth, this 
being the depth where the assumed pile deflection approaches zero. A con- 
servative simplification of this curve is a straight-line tangent to the upper 
part of the soil modulus Curve No. 1. This straight line was used for the 
first computation. In a difference equation analysis the pile was divided into 
30 length increments to obtain the deflection curve in Fig. 12a labeled “First 
Trial,” which differs materially from the assumed curve, The E, values de- 
termined from this computed curve are shown as Curve No, 2 in Fig. 12b. 
Although the lower portion of this curve consists of higher values than those 
of Curve No. 1, the upper part of this curve falls below the values initially 
used, Therefore, a second Eg relationship was assumed—the dashed straight 
line to the left—and a second difference equation analysis was made. This 
analysis yielded the deflection curve labeled “Second Trial.” This second 
computed deflection curve differs only slightly from the first computation. 
The soil modulus curve from the second computed deflection curve is shown 
as Curve No, 3 in Fig. 12b. This curve indicates values greater than those 
used for the computation so that the last computed deflection may be con- 
sidered a conservative solution of the problem. 

The bending moment curves corresponding to the two computed deflection 
curves are plotted in Fig. 12c and constitute the remainder of the desired 
solution, This pair of curves illustrates an important point. In this example, 
the first computed deflection curve produced bending moment values that are, 
for practical purposes, of sufficiently high accuracy. This will often be found 
true and, with experience, many solutions may be concluded using the first 
computed deflection curve, 


Limitations of the Method 


There are several limitations to the suggested procedure and to the cor- 
relation coefficient that should be recognized. In review, the test pile was 
vertical and of cylindrical cross-section; it was driven into a clay soil; and 
temporary loads were applied from only one direction, producing maximum 
deflections no greater than 4% of the pile diameter. The laboratory Q, tri- 
axial tests were consolidated at computed overburden pressure and were 
loaded at a strain rate of approximately 2% per minute. The pile deflections 
and reactions were computed from S-4 strain gauge data. 

It is reasonable to expect that the general concept of the correlation and 
the method proposed for its application can be adapted to situations other than 
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those described in the preceding paragraphs. The numerical value of the co- 
efficient, however, would probably be different in some of these. Thus, dif- 
ferent coefficients may be found applicable to piles in sand or to piles that 
are not cylindrical. Pile loads that are reversing or that are repeated a 
large number of times may produce greater deflections than the present data 
would indicate. Triaxial tests performed at different rates of strain would 
require a different correlation factor. 

The definition of field soil strain, « p» 28 a constant function of deflection 
and pile diameter, Eq. 3, is not fully valid close to the ground line, For this 
reason, soil reactions within a depth about equal to the pile diameter are un- 
certain. A combination of experience and judgment must be relied upon at 
present to make adjustments in the computations to allow for this fact. 

The type of correlation developed should not be expected to be valid for 
permanent or sustained lateral pile loads. Under loads of long duration, con- 
solidation of the soil will occur in addition to the initial elastic deformation, 
If a correlation between field and laboratory tests is developed, the laboratory 
tests will probably have to be of a type wherein consolidation is permitted 
under all loads. 


SUMMARY 


The general conclusions developed by this study may be summarized as 
follows: 


1) This test pile has provided the first opportunity for close study of the 
soil modulus of pile reactions for transient loads. 

2) The soil modulus, Es, was found to vary widely, not only with depth, but 
also with pile deflection. 

3) In the normally consolidated clay deposit existing at the test site, the 
soil modulus was found to increase almost linearly with depth for any 
single applied load. The rate of increase, however, became smaller as 
the load increased, 

4) Logarithmic stress-strain plots of Q- triaxial data exhibit a family 
grouping similar to that of field stress-strain data in which strain is 
defined as a function of pile diameter. 

5) For the condition of the pile test, the similitude of pile and laboratory 
stress-strain data can be expressed by a single dimensionless coeffi- 
cient, as given in Eq. 4. 

6) Utilizing the tentative correlation coefficient and suitable Q, triaxial 
data, the deflection curve of a pile carrying a short duration lateral 
load can be readily determined by successive approximations with a 
difference equation analysis. 

7) Additional pile tests, adequately instrumented and accompanied by 

thorough laboratory tests, will be necessary to confirm the overall 

validity and numerical accuracy of the proposed correlation for clay 
soils. Further pile tests are also needed to extend the correlation to 
cohesionless soils, to pile of different shapes, to reversing or repeat- 
ing loads, and to sustained loads, 


Although the test pile data and laboratory data on which this study was 
based have acknowledged limitations, the tentative correlation in its present 
stage of development permits a more direct and rational approach to lateral 
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pile problems than has hitherto been possible. The proposed procedure for 
application of the correlation, using successive approximations of the pile 
deflection curve, should continue to prove useful and effective even with 
other or improved correlations, ‘ 
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Discussion of 
“SEEPAGE FORCES IN A GRAVITY DAM BY ELECTRICAL ANALOGY” 


by Horace A, Johnson 
(Proc. Paper 757) 


HORACE A. JOHNSON,! M. ASCE.—Mr. Leliavsky in his discussion 
brings out that the problem treated in this paper has been investigated before. 
The writer made no claim that this problem had not been investigated before. 
The purpose of the paper, as stated, was to present an investigation by means 
of the electrical analogy. Mr. Leliavsky refers to the report of the ASCE 
Subcommittee on Uplift in Masonry Dams (Paper No. 2531, “Transactions,” 
ASCE, Vol. 117, 1952) as failing to recognize the importance of the applica- 
tion of the theory of potential flow to the calculation of the uplift in dams. 
However, the above-mentioned report on page 1246 states: “A study of flow 
nets would be valuable in this connection.” This is in reference to uplift 
where a grouted cutoff only is used, but certainly applies to all conditions. 
The writer has found the flow nets obtained by the electrical analogy helpful 
in clarifying the effect of different factors on uplift. 

Mr. Leliavsky questions the statement in the paper: “Flow is assumed to 
occur through both the concrete and the rock foundation, which is contrary to 
the usual assumption of no flow in the concrete or rock.” This statement was 
poorly worded by the writer and was meant to apply only to electrical analogy 
experiments. In other words, this statement should have added to it “in 
electrical analogy experiments.” 

Mr. Leliavsky states on page 942-8: “If compared with the earlier flow- 
net diagrams, the fact that the foundation potential falls to 15% of the total, 
will obviously be found to be the result of the exaggerated effect of curtains 
and drains, and can by no means be attributed to the assumed permeability of 
the rock foundation—an obvious conclusion, showing the similarity of the 
writer’s and Mr. Keener’s curves is purely coincidental.” The writer in no 
place makes any claim that the reduction in potential is attributable to the 
permeability of the foundation. In fact, on page 757-15 the statement is made: 
“The principal feature in Figures 5 and 6 is that regardless of the ratio of 
the permeability of concrete to foundation, whether 1:2, 1:10, or 1:00, the ef- 
fect of this ratio upon potentials in the foundation is very small.” All the test 
results in the paper clearly show and acknowledge the paramount effect of the 
drains in reducing uplift. The writer believes that the comparison of the 
writer’s curve with Mr. Keener’s is not just coincidental in similarity, but is 
a comparison of the absolute maximum reduction obtainable under idealized 
conditions, since the electric analogy drains are 100% effective, with reduc- 
tions obtained in certain specific dams. 

The writer believes that the demonstration of the theoretical efficacy of 
the drains is important, even though agreeing that the practical efficacy is 
dependent upon the physical discharge capacity, or, better, pressure reducing 


1. Chief, Construction-Operations Div., Sacramento Dist., U. S. Corps of 
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capacity of each individual drain. In American practice, at least, drains are 
used for pressure reduction and at least partial reliance is placed on them, 
It is therefore important to know the theoretical reduction possible under 
certain assumption even though full advantage may not be taken in design. 
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Discussion of 
“BASIC CONCEPTS ON THE COMPACTION OF SOILS” 


by C. Y. Li 
(Proc, Paper 862) 


C. Y. LI* A.M. ASCE,—It is hoped that the paper drew the attention of both 
research and practical engineers who are doing work on soil compaction to 
the importance of the solution of the problem on a rational basis. The inter- 
est shown by Messrs. Zegarra and Brown in their discussions is appreciated. 
The current practice of using either the standard or modified AASHO 

method as the laboratory control for field compaction is arbitrary and has its 
limitations, but because the AASHO method is uncomplicated and generally 
understood by field personnel, it is convenient to use it in the control of small 
earth works. However, on large earth works, where control of soil compac- 
tion is vital, test embankments should be made and the laboratory control de- 
signed in accordance with the results achieved in their construction. The 
economical compaction of soil to a certain density in the field is the principal 
objective in an earth work project and laboratory tests are no more than a 
means of control whereby that density is obtained in the field. The writer’s 
experience in dam construction in Pennsylvania and West Virginia corrobo- 
rates Mr. Brown’s statement that on smaller earth dams, where very heavy 
compaction equipment is not economically feasible, seldom do the densities 
obtained exceed those which correspond to the compactive effort used in the 
standard AASHO method, 

There is little reason to believe that “stage compaction” would tend to- 
wards the relaxation of field control of moisture, as suggested by Mr. 
Zegarra. The optimum moisture content of the soil should be that which is 
related to the heaviest roller to be used. In that case, the precompaction by 
lighter rollers would be made at moisture contents drier than the optimums 
for the lighter rollers. 

The writer agrees with Mr. Zegarra that the action of a foot of the sheeps- 
foot roller is not exactly an impact. However, it is believed that some degree 
of dynamic resistance exists during the compaction procedure. The nature 
and amount will depend upon the velocity of penetration. 

Appreciation is due James A. Romano, Chief, Dam Section, Gannett Flem- 
ing Corddry and Carpenter, Engineers, for his careful review of, and valuable 
advice in the preparation of, the paper. 


* Civ. Engr., Gannett, Fleming, Corddry, and Carpenter, Inc., Harrisburg, Pa. 
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Discussion of 
“PENETRATION TESTS AND BEARING CAPACITY OF 
COHESIONLESS SOILS” 


by G. G. Meyerhof 
(Proc. Paper 866) 


E, DE BEER* and A. MARTENS.*—We read with much interest the paper 
of Prof. Meyerhof, as it compares the use of the results of static cone pene- 
tration tests, widely used in Belgium for determining the allowable pressures 
under direct foundations, with the dynamic standard penetration device, nor- 
mally used in the U.S.A. The method the first commentator established for 
the design of direct foundations from the results of static cone penetration 
tests is much more elaborate than the rather empirical formulas given by 
Prof. Meyerhof on that purpose, It would go out of the scope of a written dis- 
cussion to detail the relationships we utilise between the cone resistance on 
one hand and the apparent angle of friction and the constant of compressibility 
on the other to determine the ultimate bearing capacity and the settlements 
under direct foundations. Reference can be made to the paper 27. 

The present discussion will be limited to a few questions and remarks, and 
to some applications of the method suggested by Prof. Meyerhof on a few real 
problems. 


I, Questions and Remarks 


1) Prof. Meyerhof gives in Table I of his paper a relationship between the 
standard penetration resistance, the static cone resistance, and the angle 
of friction for clean sands. He states that for silty sands the lower values 
given for the angles in Table I should be reduced by 5°, while for sand- 
gravel mixtures the upper values may be increased by 5°. 

Thus a given static cone penetration resistance qc should correspond 
in silty sand to a smaller angle of friction than in clean sand, and to a 
smaller angle of friction in clean sand than in sand-gravel. A cone pene- 
tration test is a static loading test, and thus measures a bearing capacity. 
In the same conditions, from two soils that one would show the highest 
bearing capacity, which is the least compressible and has the highest 
shearing resistance. All other conditions being equal two soils which have 
the same compressibility and the same angle of friction (the cohesion be- 
ing assured as zero) must show the same cone penetration resistance. 
When two soils show, in equal conditions of loading, the same cone pene- 
tration resistance, and when the first soil has a larger angle of friction 
than the second (the cohesion being assured to be zero) it must be con- 
cluded that the compressibility of the first soil is equal to or larger than 
that of the second, 

From the previous statements it must be deduced, that, if a silty sand 


* Belgian Governmental Inst. on Soil Mechanics, Brussels, Belgium. 
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for a lower angle of friction gives the same cone penetration resistance as 
a clean sand, thus the compressibility of the silty sand should be less than 
or equal to that of the clean sand. But this seems to be in contradiction 
with the well known fact that for the same relative density a silty sand is 
more compressible than a clean sand. Thus the writers cannot well agree 
with the statement that the same static cone resistance should indicate in 
a saturated silty sand a smaller angle of friction than in a saturated clean 
sand. The writers clearly specify that they compare the silty sand and the 
clean sand in a saturated condition, because otherwise the apparent cohe- 
sion due to capillary forces will interfere in the problem. The capillary 
tensions in the silty sand being possibly higher than in the clean sand, the 
cone penetration resistance in the silty sand even with a smaller angle of 
friction and a higher compressibility, can be larger than in a clean sand. 

The writers don’t formulate the same objections against the relation- 
ship given between the standard penetration resistance and the angle of in- 
ternal friction, because in the standard penetration resistance not the 
compressibility under static loads, but the compressibility under dynamic 
loads is playing an influence. Here the instantaneous compressibility of a 
saturated silty sand can, because of its small permeability and the hydro- 
dynamic pressures involved, be much smaller than for a clean sand. Thus 
even with a smaller angle of friction the number of blows needed for driv- 
ing the sampling spoon into the silty sand can be higher than that needed in 
clean sand, 

But this deduction also indicates that there is no simple relationship be- 
tween the dynamic penetration resistance and the static cone resistance, 
as proposed by Prof. Meyerhof, 

Thus the formulas proposed can only be a rough estimate. 


Prof. Meyerhof gives for the ultimate bearing capacity of clean sands the 
formulas (5a) and (5b). 

He states that for a silty sand, for the same number of blows N, or the 
same cone penetration resistance q., the ultimate bearing capacity is but 
one-half of that in a clean sand (c.s) for the same values of N and qc. 

Thus for silty sand (s.s) 


1 
qe ss fe cs (a) 


(b) 
It seems that in the opinion of Prof. Meyerhof this reduction of one-half 
holds true even in a saturated condition. 
On the same way, he siates for gravelly sand (g.s) 
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Thus for a given value of N or qc 
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Further, Prof. Meyerhof suggests the empirical relationship gc = 4 N 
(1) equally applicable for silty sands, clean sands and gravelly sands, be- 
ing in a saturated condition or not. 
As in the saturated condition the effect of the capillary tensions is 
eliminated, we will consider only this more simple case. 
The number of blows N being by assumption equal for the 3 saturated 
kinds of soils, and at first admitting that the relationship (1) holds true for 
the 3 soils, one gets . 


* Ic,ce * (f) 


But the static cone penetration device measures an ultimate bearing 
capacity, although not a bearing capacity with the same depth-factor, and 
the same shape-factor as the ultimate bearing capacity under a direct 
foundation. 

Comparing the formulas (e) and (f), one finds that although the ultimate 
bearing capacity for the cone in the saturated soils remains constant, the 
ultimate bearing capacity under the direct foundations should vary in the 
proportion 1 : 4 depending on the nature of the impurities in the sand. As 
the only factors varying between the two loading systems are the depth- 
factor and the shape-factor, the given difference could only be explained 
by these factors. But is not very clear why the influence of the depth-fac- 
tor and the shape-factor should vary with the nature of the soil, as long as 
the soil remains a cohesionless soil. Indeed the smaller bearing capacity 
under a direct foundation on a silty sand cannot be explained by a higher 
compressibility, since if this higher compressibility is accepted, it shall a 
play an even more important role in the value of the cone penetration re- 
sistance, and thus the cone penetration resistance, and the saturated silty 
sand would be much less than in the clean sand, which is in opposition with 
the assumption the writers made at the start, and which is expressed by 
the equation (f). 

Why should in saturated cohesionless soils the ultimate bearing capacity 
under a direct foundation for a given cone penetration resistance depend 
on the nature of the admixture in the sand? - 

Again for the relationship between q¢ and the number of blows N the 
writers don’t formulate the same objections. But if the relationship be- 
tween gy and N depends on the nature of the soil, the relationship between 
af and qc being nearly independent in the case of saturated soils without 
cohesion, thus for the same kind of soil the relationship between qc and N 
must also vary with the nature of the soil. Instead of the unique relation- 
ship (1), there is a different relationship for each kind of soil, this rela- 
tionship for a same kind being different with the degree of saturation. 


Prof. Meyerhof states that full submergence of cohesionless soils reduces 
the effective unit weight and, thus, the bearing capacities given in Eqs 4 to 
6 by about one-half. This statement is made under an ambiguous form, 
Indeed, if it is true that the full submergence reduces the bearing capaci- 
ties under direct foundation by about one-half, this is also true for the 
bearing capacity under a cone. Thus in the same soil and at the same 
depth, when the cohesion can be neglected, the cone resistance in the dry 
soil is about twice that in the saturated soil. 

As the cone penetration value qc and the ultimate bearing capacity rf 
are affected in the same manner by the submergence, there seems no 


* 
3) 


1095-10 SM 4 October, 1956 


reason to take another value for the ratio qr : qc, in the dry or in the satu- 
rated condition. Perhaps the statement of Prof. Meyerhof doesn’t mean 
anything else, but it should be interesting to express more clearly that 
idea. To clarify this question, some formulas given by Prof. Meyerhof are 
rewritten under another form. 

If pp represents the overburden pressure (fig. 1) on the foundation level, 
Y, the volume weight for the calculation of the effective pressures the 
formule (2) can be written : 


N 
Prof. Meyerhof assumes Ny 


thus 


N 
B 
We = + 


Py 
7,5 


Prof. Meyerhof assumes also 
B B 
(h) 


The expression (h) clearly indicates that qc varies linearly with 7,. 
Further 


q B Pp 
c,subm b (i) 
sud. * 7,5 ) 


The expression (i) is directly applicable for each situation of the water- 
table, above the foundation level. It must be emphasized that when the 
watertable stays under the foundation level at a depth less than 1.5 B, then 
in the formula (i), the value of q¢ measured in the submerged part of the 
sand has to be introduced. 

If qc is measured above the watertable 


Qo.ary 2° ta Ny (i) 


Yq = volume weight of the dry soil. 
If, on the contrary, the footing is placed on the submerged sand 


B (k) 
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Introducing (j) in (k) 


B Ie sary 
Ig,subm ~ 'k “2 20 Y, 


subm 


subm ~ BO 


If the soil is completely submerged 


qo ary ® D 

subm ™ (1 + 

4) Prof. Meyerhof makes a clear distinction between the problem of the ulti- 
mate bearing capacity and the problem of the allowable deformations. He 
thus very soundly defines two distinct limits for the allowable pressures, 
the first limit q, based on the ultimate bearing capacity, the second qa 
based on the consideration of the allowable settlements. 

For this second limit, Prof. Meyerhof gives formulas, from which the 
most simple is 
N Go 
a, (7c) and (7f) 
For this limit, Prof. Meyerhof makes no distinction between silty sand, 
clean sand, and sand-gravel, this in opposition with the limit qg deduced 
from the ultimate bearing capacity, where this distinction is made. 
This difference seems to the writers rather surprising. Indeed one 
may expect that, when the 3 kinds of soil considered give the same cone 


penetration resistance (fig. 2), under the same fraction a of the ultimate 


load gq, on the cone, the deformation of the silty sand will have the tenden- 
cy to be larger than that of the clean sand, and that of the clean sand larg- 
er than that of the sand gravel. 


But if this is true the value of the ratio 22 should vary with the nature 
of the soil. de 


Il Applications 


It can be interesting to utilise the formulas proposed by Prof, Meyerhof on 
some real foundation problems, for which cone penetration tests have been 
performed, 


Py 
(1 + ) (l 
ary ® 1 Pp 
(n) 
q 
we 


1095-12 SM 4 October, 1956 


a. Bridge XXIX on 3 Supports over the Motor-Road Brussels-Ostend in the 
Way Torhout-Bruges at Loppem 


The results of the performed cone penetration tests are given on fig. 3. 
All the layers have a definite sandy composition as also shown by the borings. 
From these cone penetration tests we deduce the values of the apparent angle 
of friction ¢' given on fig. 4. From these angles we calculate the ultimate 
bearing capacity under a direct foundation. Here the central loaded pier for 
instance has to be founded on 2.95 m. (9.67 feet) depth under the soil surface, 
the watertable stays 1.35 m (4.42 feet) under the soil surface, the width of the 
raft being 3.0 m (9.83 feet). For this case with the combination of the formu- 
las of Buisman-Andersen- Mizuno, the ultimate bearing capacity was calcu- 
lated to be at least 6.0 kg/cm? (6,12 t/sq.ft). A first limit of the allowable 
bearing capacity dp, is obtained by taking a factor of safety of 2 against the 
calculated ultimate bearing capacity. Thus in the case considered 


a, = 3.0 kg/cm2 (3.06 tons per sq.ft.) 


For determining the limit of the allowable bearing capacity from the con- 
sideration of the allowable settlements, we deduce from the cone tests the 
constants of compressibility C as defined by the formula of Terzaghi 

Ah 1 p+A 


h in Pp . 


These constants are given on the fig. 5. With the central values of these con- 
stants the mean settlement of the pier was calculated to be 2.5 cm (1 inch), 
those of the abutments was computed to be 3.64 cm (1.43 inch). The differen- 
tial settlement between the supports of the bridge being expected to be less 
than 2.25 cm (0.88 inch), continuous beams were considered allowable. 

The real mean pressure under the raft of the pier is 2.35 kg/cm2 (2.40 
t/sq.ft); the real measured settlements of the pier vary from 2.0 to 2.3 cm. 
(0.78 to 0.9 inch); the maximum measured differential settlement between the 
supports is 0.9 cm (0.35 inch). 

Let us now apply the formulas of Prof. Meyerhof. In the submerged sand, 
the mean cone penetration value is 100 kg/cm2 102 t/sq.ft). 

On applying the formula (i) 


q B P 
c esubm *b 


with 
= 1-35 x 1.6 + (2.95 1,35)(2.0 1.0) = 3,76 t/m? 


we obtain 


100 x 3 x 3.28 3,76 
~ 40 (2.0-1.0 jx 


= 55.4 kg/cm2 (56.5 tons per sq.ft.) 


Further 


itp 
| 
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| 
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q 
q, = = 18.4 kg/em* (18,8 tons per sq.ft.) 


q 
q. = = 122 2.5 (2.55 tons per sq.ft.) 
a ~ 7 40 


The value of q, seems to the writers very high. On the contrary the value 
obtained for qg is in agreement with the real existing mean pressure under 
the pier, And effectively the settlement of the pier is less than 1 inch. 


8. Bridge 13 on 4 Supports over the Railway Chent-Kortrijk in the Motor- 
Road Brussels-Ostend at St. Denys-Westram 


The results of the performed cone penetration test are given on fig. 6. 
They indicate the presence of sand layers with silty inclusions. The com- 
puted values of ¢' are given on fig. 7. The central loaded piers have been 
founded on 2.0 m (6.65 ft) depth under the soil surface, the watertable stays 
also 2.0 m under the soil surface, the width of the raft is 2.6 m (8.52 ft). 

From the formulas of Buisman-Andersen-Mizuno, in which the calculated 
¢' value was introduced the ultimate bearing capacity was computed to be 4.5 
kg/cm? (4.6 t/sq.ft). With s = 2 the allowable bearing capacity against rup- 
ture is 2.25 kg/cm2 (2.29 t/sq.ft). With the calculated constants of compres- 
sibility, given on fig. 8, the mean settlement of the piers was computed to be 
5.3 cm (2.09 inch), those of the abutments 8.2 cm (3.23 inch). The real mean 
pressure under the raft of a pier is about 2.0 kg/cm? (2.04 t/sq.ft); the mea- 
sured settlements of the piers vary between 2.6 and 3.9 cm (1.02 and 1.53 
inch); the maximum measured differential settlement between the supports is 
5.6 cm (2.20 inch). Such differential settlements don’t increase beyond allow- 
able limits the stresses in the continuous girders adopted for the deck of the 
bridge. In the submerged soil under the foundation level, the mean cone pene- 
tration value is taken to be 40 kg/cm? (40.8 t/sq.ft). 

The application of the formulas of Meyerhof gives 
— if we assume to have clean sand: 


40 x 3,28 x 2,6 


3.2 
* 40 (2,0 - 1.0) x 


19 kg/cm2 (19.4 tons per sq.ft.) 


qa, = = 6.3 kg/cm? (6,4 tons per sq,ft.) 


40 
qa, Zp = 1-0 kg/om2 (1.02 tous per sq.ft.) 


— if we assume to have silty sand: 
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40 x 3,28 x 2,6 3e2 
subm * 80 (2.0 1.0) 


= 9.5 kg/em2 (9,7 tons per sq.ft.) 


5 = 3.15 kg/cm? (3.2 tons per sq.ft.) 


kg/cm? (1,02 tons per sq.ft.) 
40 


In the formulas of Meyerhof the writers introduced for qc a mean value of 
40 kg/cm2 (40.8 t/sq.ft). But an inspection of the deep sounding diagram in- 
dicates that from the foundation level to a depth of 1.5 B = 1.5 x 2.6 = 3.9 m = 
12.7 ft under the foundation level, the cone resistances vary between 23 
kg/cm2 and 80 kg/cm? (23.5 t/sq. ft and 81.6 t/sq.ft), and that it is rather a 
rough approximation to choose a constant value of 40 kg/cm? to replace the 
real values measured, 

The values obtained for qs are not well defined, as it is not clearly known 
if the case of clean sand or silty sand should be considered, 

The value obtained for qg is less than the real pressure existing under the 
pier. But it must also be stated that the reai settlement of the pier is larger 
than 1 inch, This application confirms the validity of the formula giving qa, 
when qa is the pressure under whose effect the settlement remains less than 
one inch. But this application also indicates that the criterion of limiting the 
settlements to 1 inch is not always applicable, and that in many cases for 
bridges, even with continuous girders, much higher settlements may be 
authorized. 


¥. Churchtower in the Neighbourhood of Antwerp 


The churchtower was demolished in 1940 by war action and was to be re- 
built if possible on its old foundations. 

These old foundations consist chiefly on 2 rafts from 3 m x 3 m (9,83 ft x 
9.83 ft) founded on 2.4 m (7.87 ft) depth underneath the soil surface. The 
watertable stays at the same depth. They were loaded by the existing struc- 
ture to 7 kg/cm2 (7.14 t/sq.ft). Before destruction the existing churchtower 
and the adjoining church which was not destroyed showed no fissures or any 
other harm. 

A cone penetration test was performed, the results of which are given in 
fig. 9. These results indicate the presence of sand, possibly a little silty. 
From these results were deduced the ¢' values given on fig. 10. From this 
diagram with ¢' = 25° ¢= 30°, applying the formulas of Buisman-Andersen- 
Mizuno we compute a ultimate bearing capacity dg = 8.06 kg/ em? (8,22 
t/sq.ft); with s= 2 the allowable bearing capacity against rupture is dy = 4.03 
kg/cm2 (4.11 t/sq.ft). 

When the soil has completely adapted itself to the imposed load, the 
values _¢ = ¢' = 30° can be taken. So, the computations give dg = 14.95 
kg/cm? (15.25 t/sq.ft) and dy = 7.48 kg/cm? (7.62 t/sq.ft). 

As the new tower should have about the same weight as the old one, the 
settlements were not calculated; they were considered to be not excessive as 
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3 
3 
be 
e 


ASCE DISCUSSION 


the soil has previously already been loaded with the same weight. 

It was concluded that the new tower, if it did not weigh more than the old 
one, could be established on the existing foundations. If new foundations 
should be constructed the pressures should be limited to ak out 4 kg/cm? 
(4.08 t/sq.ft). 

From the cone values measured between the foundation level and a depth 
of 1.5 B = 1,5 x 3.00 = 4.50 m = 14.7 ft and which vary between 100 kg/cm? 
(102 t/sq.ft) and 42 kg/cm? (42.8 t/sq.ft), is deduced rather arbitrarily a 
mean value of 60 kg/cm? (61.2 t/sq.ft) to be introduced in the formulas of 
Prof. Meyerhof. 


—if we assume to have clean sand it is found 


60 x 3,28 x 3 3,84 
subm * 40 {2.0 -1,0) x 


= 33,6 kg/cm? (34,3 tons per sq.ft.) 


q 
a, * 11.2 ke/em? (11,4 tons per sq.ft.) 


q 
a, = <6 = 1,5 kg/em2 (1.53 tons per sq.ft.) 


—if we assume to have silty sand 


60 x 3,28 x 3 


26 


16.8 kg/cem* (17.1 tons per sq.ft.) 


q 
a, = = 5.6 kg/cm? (5.7 tons per sq.ft.) 


q, = 1,5 kg/em? (1,53 tons per sq.ft.) 

It is again very difficult to obtain a consistent value of q,, as it is not cer- 
tain which case of clean sand or silty sand is to be taken into consideration. 

The value of qg is much less than the value really adopted for the founda- 
tions. As the settlements were not measured, it is not known if they are 
larger or smaller than 1 inch. 

But in each case the much higher values than q, adopted for the mean 
pressures under the foundation rafts, didn’t cause any trouble. 


IIL CONCLUSIONS 


The relationships which Prof. Meyerhof proposes between the cone pene- 
tration resistance and the allowable pressure under a direct foundation 
seems to us a rather rough estimate. Serious objections have to be made as 
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to the way Prof. Meyerhof takes account on the nature of the soil (silty sand, 
clean sand, sand gravel) in these relationships. 

As the proposed relationships are based on a great number of experimen- 
tal data, they certainly will also in a great number of cases, and especially 
when one has to do with normal soil conditions (clean sand) and normal load- 
ing problems, give results which are not too far from reality. Under such 
conditions these formulas can give a precious first estimate. But in other 
cases, as was shown for the problem of the churchtower, they can also give 
results which differ largely from the exact values. 

For this reason the writers prefer for determining the allowable bearing 
capacity under direct foundation to utilise a method, also based on the re- 
sults of static cone penetration tests, which is more elaborate and refined in 
its theoretical considerations, although in its applications it is but slightly 
more time consuming than the rather rough formulas proposed by Prof. 
Meyerhof. This method which is now in use in Belgium for already more 
than 15 years, and has been applied on a very great number of constructions 
(bridges, buildings, locks, etc.), has always given complete satisfaction under 
the double point of view of security and economy. 


a 
| 
> 
«fl 
| 


Deformations 


ASCE 


DISCUSSION 1095-17 


Water table 


kvel 


FIG.7 


_. Sand-grave/ 


Chan sand 


__ Silty sand 


FIG. 2 


Lsurtvace 
| 
| 
| 
| 


Jo sajnpoy 


1095-18 SM 4 October, 1956 
> 
= 
+ 
ss § S55 
© 
i 8 
ia? it) 
} 
a | 
| 
=. 8 8 
+ 
4 
; 


=) 
a 


Wu 


ASCE 1095-19 
Bales 
| ‘ani Bis 
~ 8 af 
8 


nay’ 


= 1095-20 SM 4 October, 1956 q 
ra 
tig 
| 
& 
aN 
| j 
S = = = 
C = 
— 
q 
| 
| 
{ 


DISCUSSION 1095-21 


Cone penetration resistance 


Weterfable 


Deep sounding fest 


ar 


J? Denijs Westrem 
(ridge 73 


6 


4 
+89 L surface 
| Foundation level 
| = 
{ 
+ 5,00 
\ 
75,00 
a 
7 


1095-22 SM 4 October, 1956 


+ $,98 surface 


Values of oeduced | | 
trom results of deep 


sounding test 


° 


Depth in 


- 5,00 


Westrem 
(Bridge 


FIG.7 


10,00 


. 
: 
' 
j 
; 
i. 
om 
tS 
| 
| 
4 
| 
| 
| 
} 
ee 


DISCUSSION 1095-23 


Constant. of compressibility 
5. 


ol surface 


Constants of compressibility 


deduced from resu/ts of 
sounoing rest 


! 


i 


St Deniis Westrem 
(Bridge 73). 
FIG. 8 


ASCE 
Q, 
— 


October, 1956 


Cone penefratian resistance 
9 


Foundation feve/ 


Depth in m 


Deep sounding test 


KESSEL 
(CHURCHTOWER) 


FIG. 9 


1095-24 SM 4 & 
iq q 
q 
2 2 
3 8 
~ 5,00 
j 
~10,00 
4 
i 
- 
15,00 
q 
’ 
: 


> 
Q- 


DISCUSSION 


004 Sor! surface 


Valves of deouced from 


results of sounding test 


KESSEL 
(CHURCHTOWER) 


FIG. 10 


1095-25 


ASCE 
¥, 
7 
| 
| 
5001 
| | 
| 
A: 
| | 
10,00] 
- 
: 


j 
: 
j 
4 
ae 
4 
| 
: 
j 


1095-27 


Discussion of 
“STABILIZATION OF MATERIALS BY COMPACTION” 


by W. J. Turnbull and Charles R. Foster 
(Proc. Paper 934) 


G. A. LEONARDS,! A.M. ASCE.—Among the important factors that influ- 
ence the strength and compressibility of compacted clay soils are the follow- 
ing: 


Molding water content 

Type and amount of compactive effort 

Presence or absence of a source of water - 
Soil type 

Confining pressure 

Nature of the applied stresses 


The authors have presented an excellent summary of the effects of the 
first three or these factors upon the stability of a compacted clay soil. How- 
ever, it is suggested that conclusion one of the paper might well be amplified } 
by adding the statement: “—, and with due consideration for the effects of 
soil type, confining pressure, and nature of applied stresses.” Failure to r 
consider these factors may lead to erroneous conclusions in establishing 
compaction requirements to achieve a specified stability. 

Figure 1 shows compaction and soaked CBR data for a limestone residual 
soil sampled near Bedford, Indiana. The data were obtained by J. R. Bell? as ss 
part of a more comprehensive investigation carried out under the direction of 
Prof. E. J. Yoder.(1) The clay has a liquid limit of 80, a plasticity index of 
45, and has 55 percent by weight of particles smaller than two microns. All 
samples were compacted in a CBR mold in 5 layers by a 10 pound hammer 
falling 18 inches, and were subsequently soaked for 4 days with surcharges 
as indicated. Of particular significance is the important effect of confining 
pressure on the soaked CBR values obtained. For a compactive effort equiva- 
lent to modified AASHO, the peak value of soaked CBR drops from about 6.5 
to about 1.5 when the confining pressure is reduced from 1.4 to 0.7 p.s.i. 

Comparable effects on the compressibility were previously measured by 
Woodsum, (2) and the differences in behavior, depending upon whether water 
comes in contact with the compacted soil before or after the confining pres- 
sure is applied, have also been pointed out. (3) 

Figure 2 shows soaked CBR vs. dry density curves at equal molding water 
contents. These curves were drawn from the data presented in Figure 1, and 
are similar to those shown in Figure 3 of the authors’ paper. The data pre- 
sented by Messrs. Turnbull and Foster for a silty clay show a continuing in- 
crease in the peak value of soaked CBR as the dry density increases; those 


1. Assoc. Prof. Soil Mechanics, Purdue Univ., Lafayette, Ind. 

2. Chief, Soil Mechanics and Solidification Section, Manu - Mine research and 
Development Co.; formerly Research Asst., Joint Highway Research Pro- 
ject, Purdue Univ. 
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presented by the writer for a highly plastic clay show an initial increase fol- 
lowed by a decrease in the peak value of soaked CBR. This difference in be- 
havior is only one manifestation of the effect of soil type on the properties of 
compacted clay. 

It may be observed from Figures 1 and 2, that, for a given confining pres- 
sure, the largest value of the soaked CBR is obtained when the clay is com- 
pacted at optimum moisture content but at an intermediate degree of compac- 
tion, The writer has used the connotation “over compaction” in referring to 
this phenomenon, (4) which is of considerable importance when compacting 
highly plastic and/or expansive clay subgrades for highway and airport pave- 
ments. 

The strength and stress-deformation characteristics of compacted soils 
differ markedly depending upon whether the soil is subjected to a continuously 
increasing stress or to repetitive stress applications of varying magni- 
tude.(5)(6) Under the action of repeated loads, the stability of compacted clay 
is also dependent upon the nature of the materials in contact with the clay. (7) 
It is the writer’s opinion that these effects are not fully understood, and that 
the CBR test is not an adequate measure of stability under this type of loading 
condition. 

For a given type and amount of compactive effort, a clay soil compacted on 
the “wet side” of optimum moisture content will have a higher degree of 
saturation, be more compressible, more flexible, more impervious, have a 
lower shear strength and lose less strength on coming in contact with water 
than if compacted on the “dry side” of optimum, It is important to recognize 
that the differences in magnitude of these effects are primarily functions of 
soil type and confining pressure, For example, an earth dam subject to dif- 
ferential settlements may be compacted somewhat on the dry side of optimum 
if constructed of highly plastic clay. Imperviousness would not be a problem, 
and the higher inital shear strength (and lower construction pore pressures) 
would permit the use of steeper side-slopes than would be possible if compac- 
tion on the wet side of optimum were specified. The confining pressures are 
generally sufficient to prevent a large loss in strength when the soil comes in 
contact with water, and the dam will be flexible enough to adjust to the dif- 
ferential settlements without cracking. Compaction on the dry side of optimum 
using soils of low plasticity may result in excessive leakage and/or the de- 
velopment of dangerous cracks. On the other hand, the low confining pres- 
sures afforded by highway pavements may cause the loss in strength upon in- 
crease in moisture content to dominate the performance of the subgrade, 

In summary, it may be stated that the behavior of compacted clay soils can 
be wholly evaluated in terms of moisture content and density if—and only if— 
at least the following factors have been given proper consideration: 


a) Soil type and interaction with adjacent soil types 

b) Type of compactive effort 

c) Confining pressure 

d) Presence or absence of a source of water 

e) Nature of applied loads—sustained or repetitive 

f) Strength, stiffness, and permeability requirements of the structure 


Unfortunately, the quantitative effects of some of these factors are imper- 
fectly known, and a completely rational basis for design has not been formu- 
lated. Nevertheless, failure to consider all of the factors involved may lead 
either to inadequate compaction requirements, or to uneconomical design. 


: 
+ 
* 
Py 
a) 
= = 
Wipe 


DISCUSSION 1095-29 


CBR 


CORRECTED 


55 blows per layer 
25 blows per layer 
10 blows 
Surcharge 
Surcharge 


IN LB PER CU FT 


DRY DENSITY 


WATER CONTENT (%) 


MOLDING WATER CONTENT VS DRY DENSITY & CBR 
FIGURE | ofter J.R.Bell 


ASCE 
5 ats 
W 
8 
4 
3 Zp 
90 
cA 
80 
s 
75 
16 20 24 28 32 36 40 44 46 


PER CENT 


IN 


CBR 


CORRECTED 


Envelope of peak CBR 


Numbers on curve are 
woter contents 


Surcharge = 1|.4psi 


84 
DRY DENSITY IN LB PER CU FT 


CBR DRY DENSITY 
FIGURE 2 


October, 1956 


4 
«1095-30 SM 4 | 
hep 12 
4 
a 
ap 
/ 
/ 
/ 
2 
v 
v 
4 
oa 76 80 96 100 
q 
| 
i 


DISCUSSION 1095-31 


BIBLIOGRAPHY 


Bell, J. Richard, “Plastic Moisture Barriers for Highway Subgrade Pro- 
tection,” thesis presented to Purdue University, Lafayette, Indiana, in 
1956, in partial fulfillment of the requirements for the degree of Master of 
Science in Civil Engineering. 


2. Woodsum, H. C., “The Compressibility of Two Compacted Clays,” thesis 
presented to Purdue University, Lafayette, Indiana, in 1951, in partial ful- 
fillment of the requirements for the degree of Master of Science in Civil 
Engineering. 


3. Wilson, S. D., “Effect of Compaction on Soil Properties,” Proceedings, 
Conference on Soil Stabilization, Massachusetts Institute of Technology, 
Cambridge, Mass., 1952. Discussion by G. A. Leonards, p. 159. 


4. Leonards, G. A., “Strength Characteristics of Compacted Clays,” Trans- 
actions, American Society of Civil Engineers, V. 120, 1955, p. 1451. 


5. Tschebotarioff, G. P., and McAlpin, G. N., “Effect on Vibratory and Slow 
Repetional Forces on the Bearing Properties on Soils,” Technical De- 
velopment Report No. 57, U. S. Department of Commerce, Civil Aeronau- 
tics Administration, Washington D. C. October 1947. 


6. Seed, H, B., Chan, C. K., and Monismith, C. L., “Effects of Repeated Load- 
ing on the Strength and Deformation of Compacted Clay.” Proceedings, 
Highway Research Board, V. 34, 1955, pp. 541 - 558. 


7. Havers, J. A., “Interactions of Selected Combinations of Subgrade and 
Base Course Subjected to Repetitive Loading,” thesis presented to Purdue 
University, Lafayette, Indiana, in 1956, in partial fulfillment of the require- 
ments for the degree of Doctor of Philosophy. 


JOHN A. FOCHT, J R.1 A.M. ASCE.—Of particular interest are the curves 
in Figures 2 and 3 showing that the shear strength of compacted cohesive 
soil (measured by California Bearing Ratio Tests) both in the unsoaked and 
soaked condition may decrease with increasing density. Figures 2 and 3 indi- 
cate conclusively the necessity for proper moisture control daring compaction 
so that attainment of the specified density will produce the desired stability 
and strength. At a low compaction moisture content, the specified density 
may be easily attained by increased effort producing a strong fill—until it 
becomes saturated and loses its high initial strength. 

The curves for 12% molding water content in Figure 4 establish the fact 
that very strong dense fill may lose most of its strength upon saturation. Un- 
less moisture control is required, density specifications for many types of 
fill are incomplete and will not necessarily result in the desired characteris- 
tics of the fill. This is implied by the authors but warrants a more positive 
statement. 

In the minds of too many engineers and contractors, the terms “100% 
Proctor” and “100% Modified” describe a fill that possesses “ideal” qualities, 
particularly in reference to structural fill. The following accounts of two 
fills which were compacted to so-called *100% density,” but which were not 
stable, illustrate the difficulties that may result from reliance on only a 
density specification. 


1, Chi. Design Engr., McClelland Engrs., Inc., Houston, Tex. 
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In one case, an 18-inch thick fill beneath a concrete slab floor for an office 
building was constructed of high liquid limit clay. The young engineer- 
inspector demanded that the contractor heavily compact the clay even though 
it was dry in an effort to achieve a high density. After the building was in 
service, the fill increased in moisture content and heaved the floor slab up 
almost 3 inches. The slab was severely cracked along utility conduits, dis- 
rupting use of the building. 

In another instance the backfill of a deep footing excavation was controlled 
to produce 100% of the laboratory maximum density, but the moisture content 
was above optimum. The ring wall foundation for a 40-foot diameter, 80-foot 
high water tank overlapped the backfilled excavation about 12 feet. When the 
tank was first filled with water, plastic failure of the fill occurred, permitting 
a 5 inch downward movement on one side of the ring wall and resulting in 
significant tilt of the tank. The backfill, even though at 100% laboratory maxi- 
mum density, did not have adequate strength to support the tank. 

In these two instances, erroneous concepts of stabilization by compaction 
produced unsatisfactory fills. Consideration of the general relationship of 
strength, water content, and density as presented by the authors would have 
guided the responsible engineers away from the difficulties which developed. 
These situations are cited to lend further emphasis to the authors’ statement 
that, “The density, and strength, should be adjusted to the conditions of the 
job.” 

It is hoped that this paper will cause engineers to consider why they are 
compacting their fill and what they want to achieve. And then for them to ask 


themselves what should be done to obtain the desired stability rather than to 
merely require the contractor to produce 95% or 100% laboratory density 
without any consideration of moisture content. 


E. J. ZEGARRA!~Stabilization of soils by compaction has been and still is 
an empirical and, in many cases, an amateurish subject. For a long time, the 
need of a firm criterion for the degree and method of compaction required to 
produce a predetermined strength has been pressing. Few serious, detailed 
studies are available in the professional literature. Now, with the report 
made by Messrs. Turnbull and Foster, considerable light has been cast upon 
the subject. For their research they choose the lean clay native to Vicksburg, 
one of the soils whose properties are best known. Because of the nature of 
the medium of publication, the findings of the research have been picked and 
chosen to emphasize the highlights and significant facts. These findings refer 
to the comparison of results achieved by the conventional laboratory compac- 
tion techniques with those obtained by field methods and equipments. 

In the present discussion it is intended to draw some conclusions of prac- 
tical value deduced by analysis of certain results as given in the published 
paper plus additional data kindly furnished by the authors. These data consist 
of the test results for field compaction with 8 and 16 coverages of rubber- 
tired rollers and the effect of soaking on unit weight and molding moisture 
content for the laboratory specimens. 

In order to visualize in a different relationship the laboratory tests and 
the field results, the data have been rearranged and summarized in the 
writer’s Figure 1 and Figure 2. Figure 1 shows the envelope of peak values 
of the individual curves of molding water content as dry density for field 
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compaction using sheepsfoot and rubber-tired rollers; for laboratory methods 
designated as conventional (blows delivered by a hammer) and as Harvard 
(apparatus developed by S. D. Wilson, M, ASCE) all of these curves may be 
directly compared with the theoretical values for 100, 90 and 80 percent 
saturation. Figure 2, (a) and (b), shows similar envelopes of CBR values for 
peak dry density and optimum water content for laboratory results and for 
field compaction with rubber-tired rollers. The term “compaction” as used 
herein will refer to peak values of dry density and optimum water content, 
The following trends appear from Figure 1. 


Field compaction by rubber-tired rollers seems to be capable of achieving 
at least compaction values corresponding to those at 90 percent saturation. 
Light and medium rubber-tired rollers are ineffective to increase compac- 
tion regardless of the number of coverages. Heavy rollers do increase 
compaction moderately with increasing number of coverages. 

Field compaction with sheepsfoot rollers of uniform pressure have a con- 
sistent trend to increased compaction with respect to size of foot and num- 
ber of passes. But, the envelope curve has no relation to either the 
saturation curve, the conventional laboratory curve or to the rubber-tired 
compaction curve. The low dry unit weights obtained by this equipment 
indicate that the soil would be compressible and therefore would cause 
larger settlements. 

Conventional laboratory compaction methods indicate no relation to field 
compaction curves or to saturation curves. By coincidence, the highest 
compaction achieved by conventional laboratory methods (modified AASHO) 
has the same numerical value as that of field compaction by the heaviest 
rubber-tired roller at maximum coverages, 


From Figure 2 (a) 


At high water contents (19%) a constant CBR is obtained regardless of the 
compactive effort. At low water contents (about 15%) CBR increases with 
pressure and number of coverages. There is no relationship with the CBR 
of laboratory compaction. 

Rubber-tired roller compaction yields a family of curves with respect to 
tire pressure and number of coverages for medium and heavy rollers. 


From Figure 2 (b) 


There is no relationship between laboratory and field compaction with re- 
spect to CBR. 

Field compaction with light rubber-tired rollers produces a constant CBR 
regardless of coverages. 

There is a reasonable correlation resulting in families of curves showing 
correspondence between CBR, pressure and coverages for medium and 
heavy rubber-tired rollers, 


The diversity of results shown by these comparisons point to a common 
explanation which has been suggested as underlying the fact: the soil struc- 
ture resulting from the different compactive efforts affects directly, in an un- 
known ratio, density, water content and shearing resistance as measured by 
the CBR, 

The CBR values for sheepsfoot roller compaction compared with maximum 
dry density and with optimum water content have not been plotted. In general, 
CBR vs, dry density values show a greater scattering than those for 
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rubber-tired rollers, but there is a good agreement in CBR vs. optimum 
water content with the dynamic laboratory compaction method. This agree- 
ment is somewhat amazing in view of the low dry densities obtained with 
sheepsfoot rollers but it probably has a relation to the type of structure ob- 
tained. 

It may be stated, in general terms, that conventional laboratory effort is 
dynamic; Harvard laboratory effort is nearly static; sheepsfoot roller effort 
is static and kneading; rubber-tired roller effort is static. 

Each type of effort evidently achieves compaction by a unique arrangement 
of particles in the soil mass. Such arrangement has an undetermined effect 
on the shearing resistance. Furthermore, it is believed, that under the in- 
fluence of saturation the original particle arrangement is disturbed and 
eventually becomes stable, As an example it may be shown that the labora- 
tory test specimens, after soaking, reach a state of compaction nearly paral- 
lel to the 95% saturation line but at considerably high water contents ranging 
from 16 to 21 percent for the 55 blow effort and from 24 to 28 percent for the 
6 blow effort. Whether compaction in the field shows a similar trend toward 
the 100% saturation line is not known, but the probability is that it would. 

It is unfortunate that the data on CBR are not available for the Harvard 
method of Compaction. The compaction curve shown in Figure 1 was pre- 
sented by S. D. Wilson, M. ASCE at the annual ASCE meeting in January 1950, 
in the paper “Comparative Investigation of A Miniture Compaction Test With 
Field Compaction.” Since this method produces compaction values that are in 
close agreement with field compaction by rubber-tired rollers and since the 
effort is static in both, the resulting structure and the CBR values would 
probably be in agreement, 

It has been recognized since the early days of design by the CBR method, 
that no correlation existed between field and laboratory compaction results. 
As a matter of historical record the AASHO method replaced the original 
California compaction method (2000 psi static load) for the sake of expediency 
in field operations. Perhaps this fact has been obscured in the intervening 
years but it is now vividly singled out by the studies of Messrs. Turnbull and 
Foster. 

With this background, the following conclusions may be added to those 
given in the authors’ paper. 


1, Rubber-tired rollers having high tire pressures are capable of producing 
a range of high compaction values with varying numbers of coverages. 

2. Laboratory compaction procedures (Harvard and modified AASHO) yield- 
ing compaction values near or equal to 90% saturation are most likely to 
be duplicated by field compaction using rubber-tired rollers, 

3. Sheepsfoot rollers used for compacting clays are unable to effect proper 
compaction and soils so stabilized are likely to be more compressible, 


As corollary to these conclusions two facts appear as a more realistic 
method for design of fills. These would be: 


1, Laboratory compaction methods (Modified AASHO and Harvard apparatus) 
that yield a maximum dry density equal to that at 90 percent saturation or 
better should be specified for field compaction with rubber-tired rollers. 
When a percent of maximum compaction is specified, the value should be 
selected from the 90 percent saturation curve. 

2. Rubber-tired rollers of heavy and medium weights should be specified for 
field compaction in preference to light-weight or sheepsfoot rollers, 
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Messrs. Turnbull and Foster have reported in a clear and concise manner 
the results of a well planned and carefully conducted research. Their efforts 
should serve as a stimulant to those who, in the field and laboratory, are con- 
cerned with this subject. Data, especially from the field, are notoriously 
scarce, and yet that is precisely where significant observations can be made 
on different soils. When sufficient evidence is available to generalize the 
conclusions reached here with respect to one type of soil, the subject of com- 
paction will have become an enlightened matter. 


K. B, HIRASHIMA,! M, ASCE.—This valuable paper by the authors, pre- 
sents a wealth of interesting information on the general subject of soil com- 
paction. Among other things, the paper points out that a high degree of com- 
paction does not necessarily lead to high strength. The moisture content at 
which the soil was compacted is important. In fact, the data presented show 
that, on the wet side of optimum, a high compactive effort results in a lower- 
ing of strength. This is interesting because for many years the writer had 
been engaged on projects calling for compaction of soils with very high natu- 
ral moisture contents. 

It is noted that the optimum value of the water content for the curves in 
the lower part of fig. 1 ranges from (approximately) 15% to 20%, depending 
on the applied compactive effort. The optimum moisture of the soils en- 
countered in Highway work here in Hawaii, usually are much higher, about 
double the above values. This high optimum moisture, in the opinion of the 
writer, makes the use of the modified AASHO method of doubtful value. 

In recent years there have been completed a number of highway projects, 
in which it was necessary to deal with soils having natural moisture contents 
double and triple the optimum value. For instance, on one recently completed 
project, the liquid limit of the soils was in the range 60-70, whereas the na- 
tural moisture content ranged at times between 70 and 100%. Such soils were 
very stable in cut, but presented a difficult problem in fill construction. Dry- 
ing out the soil was not economically feasible. Quoting from the authors’ sec- 
tion on “Discussion,” “In some cases it may be desirable to construct on the 
wet side of optimum to produce a plastic fill.” And indeed, the economical 
solution to the problem was the construction of a plastic fill. It was found by 
experiment that a TD-24 tractor was best suited for the work. The fills were 
all constructed by end-dumping in one-lift up of 15 to 20 ft and the applied 
compactive effort consisted simply in running the TD-24 (with a bulldozer 
blade) over the top of the lift to level it off. Many times it was not possible 
to do even this much, The compactive effort therefore was very slight in- 
deed. This is in accord with the principle illustrated in fig. 1 which shows 
that as the optimum moisture increases, the compactive effort must be 
lessened. Indeed if the compactive effort is not lessened it could lead to in- 
stability. 

Laboratory consolidation tests can be performed on remolded samples, It 
is possible to show in this manner thatan end-dumped fill, especially one 
that is dumped in one 15 ft lift, will settle many inches, Actually the above 
highway project which has been completed and opened to traffic for about 
1 1/2 years shows very little settlement, subsequent to final paving of the 
survace, Levels were taken at numerous points, both longitudinally and trans- 
versally, shortly after paving and about one year thereafter. The maximum 
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difference of “before and after” elevations noted at any place was approxi- 
mately 0.06 ft. or about 3/4 inch. Evidently if any large settlement took 
place, it did so during the construction period. 

The thought that the present writer wishes to present is that the compac- 
tive effort must be made to suit the nature or characteristics of the soil, and 
one should not arbitrarily insist on applying the modified AASHO or standard 
AASHO compaction procedure to all soils (even for highway work), Again to 
quote the authors “There is no merit in obtaining unusually high densities 
and strength unless these are of benefit to the design.” To this one may add, 
“unless the same can be attained economically.” 
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Discussion of 
“THRUST LOADING ON PILES” 


by James F. McNulty 
(Proc. Paper 940) 


L. A. PALMER.—The first requirement for any differential equation of 
applied mechanics is that it be compatible with the boundary conditions. 
Equation (e) of Mr. McNulty’s paper appears in various texts and has refer- 
ence to a loaded bar of infinite length, uniformly supported on the surface of 
a semi-infinite, elastically isotropic solid. 

In the case of a pile with a part of its length embedded in soil, equation (e) 
fails to meet the boundary requirement that the pressure on the pile must be 
zero at the ground surface. As a consequence of this condition, all mathe- 
matical expressions for moment, shear and deflection, derivable from equa- 
tion (e) for the embedded pile, subjected to lateral thrust at or above the 
ground line, are vitiated. 

Rifaat(1) used a differential equation of the form: 


x* 


in which f (x) is a function of x that reduces to zero at x = 0. This fulfills the 
upper boundary requirement. Obviously, a finite solution of eq. (f) can be ex- 
pressed only as an infinite series and Rifaat obtained one. 

The use of difference equations is a device to circumvent the cumbersome 
task of dealing with infinite series which cannot converge rapidly in all cases 
where various soil types and conditions are encountered in the present prob- 
lem. This writer worked out in complete detail in 1944 the solution by finite 
differences of the expression; 


‘ x 


in which GY is the form of f (x) of equation (f) and n is a variable parameter. 
Since x, distance along the pile length and L, pile length, are expressed in the 
same units, it is dimensionless and hence equations (e) and (g) are dimen- 


sionally the same, Equation (g) meets the requirement that the earth pressure 
is zero at the ground line where x = 0. 

In eq. (g), k is a constant, being the Westergaard modulus at depth L, the 
lower end of the pile. The variation of k between x = 0 and x = L can take on 
an infinite number of forms as shown in figure 8 of the publication by Pal- 
mer (2) and Brown, (2) 

The use of difference equations in lateral loading of piles appeared in a 
paper by Palmer(3) and Thompson(3) in 1948. Mr. S, M. Gleser(4) simplified 
and extended the use of difference equations in the problem and pointed out the 
serious defects of eq. (e) as applied by Y. L. Chang(5) and others. 
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Chief contributors were H. G. Mason(6) and J. A. Bishop(6) who developed 
field data by laterally loading the free end of an instrumented, full size pile 
and who applied the method of W. G. Soden(7) in solving a very large number 
of difference equations, enabling one to divide the pile length into a great 
number of small intervals in the analytical procedure. The agreement be- 
tween theory and data obtained in their tests is shown in their publication. 

They further worked out the details of solving the equation accurately and be 
rapidly by the IBM card procedure, 

The variation of k with magnitude of deflection has been recognized by de- 
signers of concrete pavement during the past 30 years. However, this varia- 
tion has not been a serious obstacle in rigid pavement design. Since soils 
tend to be generally inelastic, the use of k is preferred to E, modulus of 
elasticity. The latter is stress per unit strain whereas k is stress per unit 
deformation, irrespective of the type of deformation, which may be either 
elastic, plastic or viscous. Except for points at or near the ground line, the 
deflections along the embedded length of a laterally loaded pile tend to be 
very small, Further experimental study should indicate necessary correc- 
tions to be applied to the basic equations to adjust for the rather large deflec- 
tions near the ground surface. 
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DAVID A. HOPKINS,* A.M. ASCE.—Mr. McNulty’s comments on the non- 
linear relationship of load and deflection for a laterally loaded pile are of 
basic importance. Deflections larger than a fraction of an inch usually re- 
sult in a partial non-elastic failure of the soil—whether granular or cohesive— 
immediately in front of the head of the pile, The nature of the non-elastic 
movement is illustrated diagramatically in figures 1 and 2. 

It follows, therefore, that all the published solutions, including the Palmer 
and Brown method and also Terzaghi’s theoretical derivation,! will be true 
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only for small values of load and deflection, where the load-deflection curve 
can be assumed a straight line. No solution has yet been published which will 
give a load-deflection curve corresponding with the curve recorded in most 
of the published test results, In this respect the Palmer and Brown method, 
with its complicated arithmetic, is no better than any other method, 

In this discussion the simplifying assumption is made (as in Mr. McNulty’s 
paper) that the soil is a uniform elastic mass, and that the modulus of lateral 
soil reaction does not vary with depth. 

The uniform elastic soil assumption was first developed by Chang. It is 
an approximation which can be used as a reliable empirical method for granu- 
lar or cohesive soils. It is important, however, to bear in mind the limita- 
tions of the method, Some of the limitations are as follows:— 


1) The pile head deflection at the ground surface is arbitrarily assumed to 
be limited to a small amount,—depending on the soil characteristics and the 
size of the pile. In this discussion 1/16-inch is assumed as the limit of the 
elastic movement, The computed deflection, load, bending moment, and soil 
pressure will be approximately correct for this small range of movement. 
For larger deflections, the corresponding value of the modulus ‘k’ will be 
smaller. Excessive deflections, however, are undesirable on account of the 
failure of the soil in the region of the pile head. 


2) The pile should be long enough, and the tip should be sufficiently firmly 
embedded to justify the assumption that the pile is infinitely long. In practice 
it appears that standard sizes of piles with over 30 feet of penetration con- 
form with this assumption. 


3) The theoretical soil pressure distribution along the length of the pile 
(as computed by the uniform elastic support method) is manifestly incorrect, 
since the theoretical distribution shows a maximum soil pressure occurring 
at the ground surface. The actual maximum soil pressure has been shown to 
occur a foot or two below the surface in full scale tests.2 It has been found, 
however, that the uniform elastic support method, despite this false distribu- 
tion of pressure, yields computed bending moments and deflections which are 
in reasonably close agreement with recorded results. Figure 3 shows the 
recorded and computed deflection and bending moment for a pipe pile with a 
fixed head tested by Gleser.2 

It has also been found that results computed by this method generally 
agree more closely with published test results than the results obtained by 
assuming that ‘k’ has a linear variation with depth, 


General Solution 


The constants in the following empirical solution were developed by trial 
and error methods from published test results. It will be noted that the 
modulus of lateral soil reaction ‘k’ is expressed in terms of lbs/sq.inch/inch 
of deflection. This is more generally applicable to piles of various diame- 
ters than the notation used in many previous publications in which ‘k’ has 
been expressed in units of Lbs/inch of pile length/inch of deflection. 

The notation generally conforms with Timoshenko’s,? except that ‘kb’ is 
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substituted for ‘k’. The notation for the loading diagram is shown in figure 4. 
Let soil modulus = k lbs/sq.inch/inch 
pile diameter = b inches 
depth = x inches 
pile stiffness = EI lbs/sq.inch.inch4 
deflection = y inches 
moment = M inch lbs 
soil pressure = p lbs/sq.inch 


Then for a free head pile, with My-» = 0, 


23 °EI (1) 
= 0°32 (2) 

For a fixed head pile, 
P (3) 


Mos Mo 


(where ¢ and ¢ are hyperbolic functions of x tabulated by Timoshenko). 
The theoretical value of the fixed head moment My<o is zB , but in prac- 


tice some rotation of the head of the pile is found to occur, and full fixity is 

not therefore developed. Mx=o may be reduced as a result of this pile head 

rotation,—the amount of the reduction varying with the size and type of the 

pile cap that is fixing the head of the pile. In this discussion an empirical 


reduction has been assumed— 0.8 


The fixed head pile solution thus becomes 


5 
x=0 x 0.6 (5) 
M <0 x 0.4 (6) 


Test Results 


Using the above equations, the average value of the modulus of lateral 
soil reaction ‘k’ may be computed for each of the pile tests. 
For the concrete pile, assuming— 


b = 16 inches EI = 100 x 108 
P = 10,000 lbs y = 0.0625 inches 


3. Strength of Materials - Part II - §. Timoshenko. 
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Then from equations (1) and (2) 


k = 400 lbs/sq.inch/inch 
and Mx. = 160,000 inch lbs 


For the timber pile, assuming~ 


b = 14 inches EI = 25 x 108 
P = 5,000 lbs y = 0.0625 inches 


Then from equations (5) and (6) 


k = 350 lbs/sq.inch/inch 
and Mx=o = 80,000 inch Ibs 


The above values are in the same range as those computed by Mr. 
McNulty. It should be noted that where k = 5 kips/sq.inch in the paper, the 
corresponding value in the notation adopted in this discussion is k = 312 
lbs/sq.inch/inch. Slight differences in the computed values in this discussion 
arise from the different values of deflection used. 


Design Procedure 


For any pile for which the structural properties are known, design curves 
of the form shown in figure 5 may be constructed. These curves, which are 
for a 16-inch diameter concrete pile with a fixed head, enable the allowable 
lateral load P to be obtained for any value of the modulus ‘k’. It will be seen 
that on curve ‘A’ (for an unreinforced pile) the allowable load P is in the or- 


der of 2 kips for ‘k’ values of 200 to 400. This allowable load is less than the 
design values proposed in the paper for two reasons:— 


1) The allowable deflection is assumed as ‘only 1/16-inch. 

2) The allowable bending moment for an unreinforced concrete pile has 
been computed as only 40 inch kips, (neglecting the strength of the cor- 
rugated steel shell, allowing no tension in the concrete, and using a fac- 
tor of safety of 2). 


If it is desired to use the higher value of bending moment of 160 inch kips 
(which is of the same order proposed in the per r), a few short reinforcing 
bars in the pile head are required to provide a greater bending resistance 
and to achieve positive fixity of the head in the pile cap. Curve ‘B’ is applic- 
able to the case of a pile with 6 5/8-inch diameter bars in the head, and from 
this curve the allowable load is in the order of 5 to 6 kips for ‘k’ values of 
200 to 400. This corresponds with the design values proposed in the paper. 


CONC LUSION 


A number of other published test results have been analyzed in the above 
approximate way to test the validity of the method and the assumptions, and 
it has been found to give reasonable results. For piles embedded in granular 
soils, it is found that closer agreement is obtained with test results if a 
theoretical ground surface is assumed approximately 6 inches below the ac- 
tual ground surface. Approximate ranges of the modulus of lateral soil re- 
action ‘k’ are as follows:— 
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Very soft silt or clay 10- 50 1bs/sq.inch/inch 
Soft siltorclay.... 50- 100" " 
Medium clay .....100- 500" " 

Stiff clay ........ 500 - 


Sand (non-cohesive) 100- 300" " 


The above values are very tentative, since there is insufficient reliable 
test data at present available to cover the whole range of soils. It will be 
noted, however, that wide variations in the modulus make very little differ- 
ence to the allowable lateral load, and an exact assessment of the modulus is 
therefore unnecessary. 

It is also important to take into consideration such related factors as the 
effect of repeated loading, the possible consolidation of soft clay or compac- 
tion of loose sand under continuously applied or repeated loads, and the pos- 
sible loosening of a granular soil around the head of a pile which is over- 
driven. Because of these indeterminate practical considerations, lateral 
loads can never be computed with certainty and precision. A design chart 
cannot be anything better than a rough guide. 

The problem is one of structural deflection and soil strain, It cannot be 
treated as a problem of static stress without also investigating the deflections 
involved, Further soils investigation should therefore be directed towards 
the determination of safe allowable deflections in various classes of soil and 
for various types of loading. When these have been established, the mathe- 
matical solution on the above lines is comparatively simple. 
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Discussion of 
“EARTHQUAKE RESISTANCE OF ROCK-FILL DAMS” 


by Ray W. Clough and David Pirtz 
(Proc, Paper 941) 


JOHN V. SPIELMAN, ! A.M, ASCE.—This paper describes an interesting 
model study and it may be concluded that the sloping core model tested was 
equally as stable or more so than the central core model. With some of the 
other conclusions the writer takes exception. 

The statement is made on page 6, “The strength of the materials is as- 
sumed to depend upon two factors: the angle of internal friction and the co- 
hesion.” This statement overlooks entirely the internal stresses in the rock- 
fill material; namely, compressive, tensile and shear stresses. These 
stresses affect the problem in the following manner: 

In a rockfill dam many of the stones have point bearing on adjacent stones. 
If readjustments or increased loadings occur due to settlement, earthquake 
movement, water load or other cause, there usually is some crushing and 
shearing at these points of bearing. This would contribute to the overall set- 
tlement of the fill. 

In the model tests it is believed that the crushing strength of the model 
material representing the rockfill should have had the scale ratio of: 


| 
= 087(754 


For example, if the rock used in the prototype dam had a crushing 
strength of 10,000 p.s.i., the strength of the model material should be 58 p.s.i. 
It is believed that the effect would have been to increase the settlement ap- 
preciably. 

One other comment regarding strength similitude may be worth while. If 
the rockfill material in the model were damp it would have a slight cohesion. 
In the model this might be an appreciable proportion of the total shear 
strength, whereas, of course, in the prototype dam it would be negligible 
compared to the friction. . 

The settlement is the principal criteria noted in the testing and the writer 
questions that there is sufficient similitude to safety extrapolate the results 
to the prototype. 


NICOLS N. AMBRASEYS,? J.M. ASCE.—The writer congratulates the 
authors upon their courageous exposition of a difficult and almost neglected 
subject, but regrets that in his opinion, the deductions on the behaviour of 
soils during seismic vibrations are not correct. 


1. Superv. Engr., State Dept. of Water Resources, Los Angeles, Calif. 
2. National Technical Univ. of Athens, Greece; at present at Imperial College 
of Science and Technology, London, 
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The authors state that: 


..... the material of which the dam is constructed, both clay and granu- 
lar, show increased strength when subjected to dynamic loading .... 


By this, they imply two conditions; first, that the simulated earthquake 
vibrations were equivalent to the transient loading tests discussed in refer- 
ences 4 and 8 of the paper, and secondly that the behaviour of soils during 
seismic vibrations occurring in nature are also equivalent to that of samples 
tested in transient loading tests. 

In the light of existing evidence,(11) the assumption that the strength of 
soils subjected to dynamic loading increases, seems justified, and so does 
the authors’ statement and their relating to references 4 and 8. What the 
writer failed to see is the authors’ reasoning in connecting seismic with dy- 
namic effects on the strength of soils, and he is afraid that results attained 
from dynamic loadings have been unjustifiably used to give strength that 
might be expected in soils subjected to seismic vibrations, 

There are many examples of damage inflicted upon structures by the 
change of the stress distribution in the ground, or the change of mechanical 
properties of the soil during earthquakes, such as settlement of buildings 
dams, landslides, and spouting of liquified soil. These effects clearly indi- 
cate that, during earthquakes the strength of the soil decreases (a fact which 
is not consistant with the effect of dynamic loading on soils) and this decrease 
resembles that found when a mass of soil is vibrated. (12) 

It has been proved(13) that earth dams of approximately isosceles cross- 
section, and to a certain extent rock-fill dams, subjected to horizontal vibra- 
tions, suffer only from shear, and by neglecting the vertical seismic com- 
ponent, the problem appears to bear no relation to a single half phase of 
transient loading. 

During an earthquake, owing to the combined effect of the horizontal and 
additional vertical component of the earthquake force, compressive stresses 
actually increase, and so do shearing stresses related to the compression, 
The bearing capacity of a soil depends upon its shearing resistance, which in 
turn is controlled by the internal friction, cohesion of the particles, and pore 
water pressures. It is more than probable that, during an earthquake the 
shearing strength of the soil is partly or even wholly destroyed by the com- 
bined effects of thixotropic and remolding losses, for undisturbed soils, and 
by an increase in pore pressure, resulting from the rearrangement of the 
particles of a semisaturated soil, with particular regard to remoulded soils. 

During the first disturbance, the behaviour of a soil is similar to that oc- 
curring in rapid shearing, but the shear stress usually does not exceed the 
strength of the material. According to the relative rate of strain, and drain- 
age conditions, pore pressure may decrease rapidly, with a consequent in- 
crease in the strength of the material. Then follows the negative phase, and 
the motion is reversed. During this phase, rearrangement of the grains of the 
soil affects interlocking as well as void ratio for semisaturated soils, with a 
consequent increase of the pore pressures which, with local remoulding phe- 
nomena decrease the strength developed at the end of the first phase, After 
a sufficient number of cycles, a considerable reduction in strength may take 
place. 

This hypothesis can be checked by analysing the observed variation of the 
strength of the core material during the experiments E, F, and G. It can be 
easily seen that for models E and F, due to the geometry of their construction, 
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the consolidating pressures for the core material, were higher than for 
model G. Furthermore, consolidation pressures for model F were higher 
than those of model E, because of the difference in unit weight of the overlay- 
ing granular burden due to uplift. Model F gave a net increase in strength 
after shaking (i.e. increase in strength due to 3 hours consolidation, minus 
decrease due to vibration) of 33%, model E 24%, and in the case of model G, 
a decrease in net strength (with the vibration effects predominating) of 14%. 
Summarizing the results, we have 


Model F., (no water in dam) 


Initial water content . . . 125% 


Initial shear strength... 5.8 psf 


Consolidating pressure of the order of 50 psf 
Model E. (water in dam) 


Initial water content . . . 125% 8%, 
Final " elapsed time 3 hrs. 


Initial shear strength... 5.8 psf 
Final 7.2 psf 


Consolidating pressure of the order of 25 psf 
Model G. 


Initial water content . . . 125% 
Final " «132% 


Initial shear strength... 5.8 psf 
Final " 90 pst 


9.67 tensed time 2 hrs. 


change .. +33% 


change .. +24% 


change. . -14%, 


Consolidating pressure of the order of 2-3 psf 


Assuming a mean value for the reduction of shear strength due to vibration 
for accelerations up to Ig, of 15%,(14) we have the conditions after consolida- 
tion but before shaking: 


Model F . . . Consolid. Pres. .. 60 psf.... shear strength... . 8.6 psf 


The above data could be checked if there were records of observations of 
the consolidation characteristics of the material used. By means of such re- 
cords, the mean value of the reduction of shear strength could be determined 
indirectly. 

The writer believes that, the high degree of earthquake resistance exhibit- 
ed by these models may be attributed only to the capacity of rock-fill dams to 
undergo large distortions without appreciable damage, especially when found- 
ed on firm ground. The increase in strength exhibited by the cores of dams 
E and F is attributed mainly to the consolidation and thixotropic effects, 
which took place during the 2 to 3 hours loading of the cores by the overlaying 
material. 

In the writer’s opinion, a more important factor which governs the stability 
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of an earth or rock-fill dam, is the foundation. As it is often the case that 
this type of dams may be constructed on comparatively weak ground, it 
should be expected that two phenomena would occur in the foundation, 

(i) settlement and (ii) creation of discontinuities within the foundation due to 
the large stresses, with failure of the slopes (with the characteristic feature 
of deep slip surfaces) due to the decrease of the bearing capacity of the foun- 
dation. 

Finally, the hydrodynamic pressure exerted on the model during the 
simulated earthquake vibrations, although small in magnitude, were 40% less 
than the pressures corresponding to an infinitely long reservoir, or even to a 
reservoir whose length is three times the depth of the water. 
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Discussion of 
“REDRIVING CHARACTERISTICS OF PILES” 


by Nai-Chen Yang 
(Proc. Paper 1026) 


A. A. EREMIN, A.M. ASCE((1)-In this paper the author extended the Hiley 
formula of pile-driving force to the cases when redriving pile penetrations is 
considered. The resulting forces, the author compared with the bearing-pile- 
tests loads and found a close agreement. However, it shall be remembered 
that the Hiley formula was derived for ground material with the elastic prop- 
erties. 

The clay-silty soils used in the experiments are plastic and besides, as 
was stated by the author, the shear stresses in those soils vary by showing 
the thixotropic properties of the soil. 

Obviously, investigation of the clay-silty soils for pile-bearing properties 
in addition to the penetration tests should be followed by microscopic, chemi- 
cal and vibrating tests. 

Fortunately, in practice, the ground material is generally composed of 
layers of soil with various geologica! formations and various bearing proper- 
ties and resisting forces to penetration. Therefore, penetration tests fol- 
lowed by core boring tests often give conclusive results for the pile-foundation 
design as it was illustrated by the writer somewhere else, 

It may be concluded that the author has made a valuable contribution to the 
study of pile foundations by considering the pile redriving effect. Further- 
more, the study has proved that, the pile-redriving penetration may also be 
used asacriterion for detecting the thixotropic properties of the soils. 


REFERENCES 


1, Assoc. Bridge Engr., California. State Highway Div., Sacramento, Calif. 


2. “Highway and Railroad Bridges” by A. A. Eremin, p. 77 Engineering 
News-Record, July 26, 1956. 
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VISIT OF DR. AND MRS. LAURITS BJERRUM TO NORTH AMERICA 


Dr. Laurits Bjerrum, Director of the Norwegian Geotechnical Instityte, 
and his wife completed the last leg of their tour in North America after the 
deadline date for preparation of the July Newsletter, so we give you the last 
installment of our report of thattrip now. Thanks to Professor Tschebotarioff, 
of Princeton University, and Martin Kapp, of the Port of New York Authority, 
for the details that follow. 

From Cambridge, where we left them visiting Harvard, M.I.T., and local 
points of interest, the Bjerrums went to Princeton University, where Dr. 
Bjerrum lectured, on May 28, to graduate students and faculty on the subject 
of stability of slopes. On the following day he was in Washington speaking be- 
fore a group of U. S. Government engineers on the subject of “Soil Mechanics 
in Norway” at the office of the Bureau of Reclamation. On May 30, the 
Bjerrums had a day off, so they went sightseeing—and on May 31 Dr. Bjerrum 
brought his official tour to an end as the guest of the Port of New York 
Authority on an inspection of some projects currently under construction, in- 
cluding the compressed-air shield-driven tunneling operations for the Third 
Tube of the Lincoln Tunnel and construction operations on the Port Newark 
wharf. 


UNITED STATES NATIONAL COUNCIL OF 
SOIL MECHANICS AND FOUNDATION ENGINEERING 


The National Council has recently distributed its Annual Report for 1955 to 
its membership. Contained in the Report is a compilation of abstracts of re- 
ports of research activities that were submitted to the Council for that year 
by member personnel and organizations. Since relatively few of the projects 
have reached the stage of final publications, the list can justifiably be classi- 
fied as current research, and as such would perhaps be of interest to this 
Division. We have therefore taken the liberty of abstracting the abstracts, 
virtually to the point of abstraction, in order to bring it all within the bounds 
of a Newsletter of austere proportions, The list that follows contains only the 
names of the organizations doing the work and brief titles of the projects they 
are identified with. An asterisk indicates that a paper has been presented or 
published. 


U. S. Government Agencies 


Bureau of Reclamation, Department 

of the Interior 

(1) Investigation of the Physical Properties of Gravelly Soils* 

(2) Investigations of Shear Characteristics Determined by Laboratory 
Tests for Comparison with Shear Characteristics Determined by Vane 
Tests 

(3) Development of Field Permeability Test for Determining Seepage 
Characteristics of Shallow Layers 

(4) Physical Properties of Rocks 

(5) Characteristics of Loessial Soils* 

(6) Investigation of Filter Design* 

(7) Improvement of Sampling Methods in Subsurface Foundation Soils 
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( 8) Development of Vane Testing Apparatus for In-Place Determination of 
Shear in Soils 

( 9) Investigation of Tractive Forces in Existing Canals 

(10) Canal Sediment Lining Experiments (with Colorado A & M College) 

(11) Exploration Procedures 

(12) Earth Dam Studies—Field Investigations* 

(13) Earth Dam Studies—Stability and Deformation* 

(14) Soil-cement Lining Experiment Using Vibratory Method of Compac- 
tion 

(15) Investigation of Electrical Treatment for Assisting Reclamation of 
Alkali Soil 

(16) Compaction of Earth Dams* 


Bureau of Yards and Docks, Department of the Navy 


(1) Sand Drain Investigation (with Moran, Proctor, Mueser, and Rutledge) 
(2) Vibratory Compaction for Airfield Pavement Construction 

(3) Lateral Stability of Pile Foundations* 

(4) Deep Soil Stabilization by Electro-Osmosis (with Harvard University) 
(5) Consolidated Direct Shear Research on Undisturbed Soil 


Corps of Engineers, Department of the Army 
Arctic Construction and Frost Effects Laboratory 


(1) Construction on Subgrades Subject to Seasonal Freezing and 
Thawing 


Fort Peck District 
(1) Effectiveness of Sheet Pile Cutoffs Beneath Dams 


Garrison District 


(1) Contact Pressures, Garrison Dam Structures 


Kansas City District 
(1) Electric Analogy Studies of Relief Wells 


Los Angeles District 
(1) Los Angeles Pore Pressure Gage under Field Conditions 
Ohio River Division Laboratories 


(1) Bore Hole Camera 
(2) Increase in Shear Strength in Earth Dams 
(3) Design of Rigid Pavements 


Omaha District 

(1) Pressures on Conduit, Cherry Creek Dam, Colorado 
St. Paul District 

(1) Model Tests on Pile Groups 
South Pacific Division Laboratory 


(1) Pore-Pressure Cells for Large Triaxial Tests 
(2) Effect of Gravel on Shear Strength 
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Waterways Experiment Station 


( 1) Classification of Soils 

( 2) Geology of the Mississippi Delta Region 

( 3) Instrumentation for Measurements in Soil 

( 4) Methods of Rapid and Efficient Subsurface Exploration 

( 5) Improvement of Technique of Shear Testing (with Harvard and 
M.I1.T.) 

( 6) Studies of Poisson’s Ratio and Coefficient of Earth Pressure at 
Rest 

( 7) Criteria for Groutability of Sands* 

( 8) Capacity of Spuds for DeLong Pier Tramway Units (with 
Philadelphia District) 

( 9) Trafficability Studies* 

(10) Moisture Changes Below Asphaltic Pavements 

(11) Correlation of Behavior of Prototype with Design and Model Data 

(12) Landing Mats 

(13) Pipe Cover beneath Runways 

(14) Stress Distribution Studies, Flexible Pavements* 

(15) Design of Flexible Pavements* 

(16) Alteration of Soils for Military Roads and Airfields 

(17) Compaction of Base Courses* 

(18) Investigation of Underseepage (with Memphis, Vicksburg, anc 
New Orleans District) 

(19) Safety of Levees against Underseepage, St. Louis District 

(20) Control of Underseepage by Relief Wells at Trotters, Miss. 
(with Memphis District)* 


Vicksburg District 


(1) Pressures on Conduit, Grenada Dam, Mississippi 


Universities 


California, University of, Berkeley, Cal. 


(1) Effects of Repeated Loading on Silty Clay* 
(2) Action of Friction Piles Driven into Soft Clay* 


Columbia University, New York, N. Y. 


(1) Stresses and Displacements in Two Layer System 
(2) Stresses and Displacements in Three Layer System 


Harvard University, Cambridge, Mass. 


(1) Digest of Performance Records of Earth Dams 

(2) The Physical Meaning and Practical Use of the Atterberg Limits 

(3) Electro-Osmotic Stabilization of Soils 

(4) Pore Pressure Measurements in the Laboratory— Technique and 
Applications 

(5) Shear Strength of Highly Plastic Clays 

(6) Seepage Through Pervious Abutments of Dams 

(7) Study of Ice Formation in Soils 


Houston, University of, Houston, Texas 


(1) Investigations of the Harvard Miniature Compaction Apparatus* 
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Illinois Institute of Technology, Chicago, til. 


(1) Evaluation of Steel Beam Piling 
(2) Vane Tests for Liquid and Plastic Limits 
(3) Pressure on Tunnel under Crushed Stone 


Illinois, University of, Urbana, Il. 


(1) Railroad Roadbed Stabilization* 

(2) Lateral Stability of Retaining Walls and Abutments 

(3) Soil Exploration and Mapping 

(4) Mineralogy and Engineering Properties of Soil Deposits 


Massachusetts Institute of Technology, Cambridge, Mass. 


(1) Shearing Characteristics of Clays 
(2) Two-Dimensional Consolidation 
(3) Apparatus for Solutions of Flow Nets 


Ohio State University, Columbus, Ohio 
(1) Studies in Pavement Design 


Princeton University, Princeton, N. PA 


(1) Lateral Earth Pressures 


Purdue University, Lafayette, Ind, 


(1) Preconsolidation Pressure 
(2) Pore Pressures in Saturated Soils 


Rensselaer Polytechnic Institute, Troy, N. Y. 
(1) Clay Mineral Studies 


Texas Agricultural and Mechanical College, College Station, Tex. 
(1) Load Studies of Drilled Shafts* 


Other Organizations 


Karol-Warner, Highland Park, N. J. 
(1) Soil Testing Equipment* 


Madigan-Hyland, Long Island City, N. Y. 


(1) Tappan Zee Bridge across Hudson River 
Portland Cement Association, Chicago, Ill. 


(1) Soil-Cement Research 
(2) Influence of Granular Subbase Courses on Concrete Pavement 


Soiltest, Incorporated, Chicago, Ill. 
(1) Soil Testing Equipment* 


Soil Testing Services, Incorporated, Chicago, Ill. 
(1) Chemical Treatment of Soils* 


Twin City Testing and Engineering Laboratory, St. Paul, Minn, 


(1) Standard Penetration Test 
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LOCAL SECTION NOTES 


From E. E. Esmiol, of the ever-faithful Colorado Section, Soil Mechanics 
and Foundations Division, comes the following detailed account of recent ac- 
tivities: Nine meetings were sponsored by this group from October, 1955, 
through June, 1956, in addition to the Irrigation and Drainage Conference 
which they co-sponsored in September, 1955. Among the distinguished list of 
speakers were Dr. Bjerrum, of Norway, who spoke on Norwegian landslides, 
and Dr. Leonardo Zeevaert, of Mexico, whose subject was “Ground Surface 
Subsidence in Mexico City.” In addition, Mr. Al Magee, of Moran, Proctor, 
Mueser, and Rutledge, Messrs. F. C. Walker, W. G. Holtz, and W. R. Judd, 
all of the Bureau of Reclamation, and Messrs. Hugh Hempel, B. E. Raukohl, 
and D. Runyan, all engineers in the Denver area, spoke on a variety of sub- 
jects of both local and more far-reaching significance. In addition to the 
monthly meetings, activities included the completion of a report by a task 
committee appointed to review the City of Denver Building Code and suggest 
modifications; and the completion of a study, by a special committee under 
J. W. Hilf as chairman, of foundation exploration requirements for the Veter- 
ans Administration inDenver. The report on the Building Code is being re- 
viewed; and the recommendations to the Veterans Administration have been 
conveyed to them and to ASCE. Officers elected for 1956-1957 are: Chair- 
man, E. E. Esmiol; Vice Chairman, K. P. Karpoff; Secretary, W. A. Cleven- 
ger—all of the Bureau of Reclamation. 

We have got the San Francisco Section of this Division firmly in our 
clutches by the simple device of having asked its chairman to be an Assistant 
Editor of the Newsletter. Pretty crafty, if we do say so ourselves. Accord- 
ingly, Chairman Bernard B. Gordon faithfully reports as follows: Four meet- 
ings since January, 1955, at which the speakers were representatives of 
Dames and Moore; Woodward, Clyde, and Associates; Porter, Urquhart, 
McCreary, and O’Brien; and the Foundation Design unit of the East Bay Mu- 
nicipal Utility District. Officers elected for 1956-1957 are: Chairman, B. B. 
Gordon, of Porter, Urquhart, McCreary, and O’Brien; Vice Chairman, D. J. 
Dayton, of East Bay Municipal Utility District, Oakland; Secretary, Carl 
Monismith, of the University of California, Berkeley. 


ONWARD AND UPWARD DEPARTMENT 


The Newsletter is in the process of attempting to expand its editorial staff 
by a clear four hundred percent. We hope, that is, to find about four stout- 
hearted men, strategically located from a geographical standpoint, to impress 
into service as Assistant Editors. The primary function of an Assistant Edi- 
tor will be to maintain constant alertness for news by keeping both eyes on all 
horizons and both ears to the ground. This is not easy. We have written to 
four prospective volunteers, of whom one, Bernard Gordon in San Francisco, 
has courageously accepted. The other three are pretending to be on summer 
vacations and have not replied at this writing. 

No further moving up of deadline dates will result from this change, since 
it should not be necessary for any contribution to be routed through an Assis- 
tant Editor. The principle is that a number of men, located in different cen- 
ters of activity, can be more effective as scouts than one man alone, wherever 
he may be. The names and addresses of the Assistant Editors will be listed 
at the end of each issue of the Newsletter. 
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ANNOUNCEMENTS 


PITTSBURGH CONVENTION 


William Penn Hotel October 15-19, 1956 
Pittsburgh, Pennsylvania 

JACKSON CONVENTION 
Hotel Heidelberg February 18-22, 1957 


Jackson, Mississippi 


Ralph Peck, in charge of organizing the soils sessions, and W. G. Shockley, 
Vice Chairman of the Publicity Committee for this Convention, remind us that 
plans are being made and that it is not too early to reserve these dates for an 
interesting meeting. 

Three soils sessions and a soil mechanics luncheon are planned. One ses- 
sion will be organized by Waterways Experiment Station personnel and will 
treat problems in the Lower Mississippi Valley. Another session will be ar- 
ranged by the Task Committee on the Products of Rock Weathering, of the 
Engineering Geology Joint Committee with the Geological Society of America, 
under the guidance of T, H. Thornburn, of the University of Illinois. 

Don’t forget that the Waterways Experiment Station is very close to Jack- 
son, so that attendance at this meeting will provide an excellent opportunity 
to visit one of the most important research centers in soil mechanics—among 
other fields—in the country. 


JANUARY NEWSLETTER 


Deadline date for arrival at this office of contributions for the January 
Newsletter: November 20, please. 


Bernard B. Gordon, Assistant Editor 
Porter, Urquhart, McCreary, and O’Brien 
1140 Howard Street 

San Francisco 3, California 


Howard P. Hall, Editor 
Department of Civil Engineering 
Northwestern University 
Evanston, Illinois 
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PROCEEDINGS PAPERS 


The technical papers published in the past year are identified by number below. Technical- 
division sponsorship is indicated by an abbreviation at the end of each Paper Number, the 
symbols referring to: Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and 
Mapping (SU), and Waterways and Harbors (WW) divisions. Papers sponsored by the Board of 
Direction are identified by the symbols (BD). For titles and order ccupons, refer to the appro- 
priate issue of “Civil Engineering.” Beginning with Volume 82 (January 1956) papers were 
published in Journals of the various T¢chnical Divisions. To locate papers in the Journals, the 
symbols after the paper numbers are followed bya numeral designating the issue of a particular 
Journal in which the paper appeared. For example, Paper 861 is identified as 861 (SM1) which 
indicates that the paper is contained in issue 1 of the Journal of the Soil Mechanic3 ané Founda- 
tions Division. 

VOLUME 81 (1955) 


OCTOBER: 809 (ST), 810 (HW)°, 811(ST), 812 (ST)©, $13 (ST)°, 814(2M), 815(EM), 816(EM), 
817(EM), 818(EM), 819(EM)©, 820(SA), 821(SA), 822(SA)°, 823(HW), 824(HW). 


NOVEMBER: 825(ST), 826(HY), 827(ST), 828(ST), 829(ST), 830(ST), 831(sT)“, 832(C>P), 
833(CP), 834(CP), 835(CP)®, 836(HY), 837(HY), 838(HY), 839(HY), 840(HY), 841(HY)*. 


DECEMBER: 842(SM), 843(SM)°, 844(SU), 845(SU)°, 346(SA), 847(SA), 848(SA)°, s49(sT)°, 
851(ST), 852(ST), 853(ST), 854(CO), 855(CO), 856(CO)*, 857(SU), 858(BD), 859(BD), 
860(BD). 


VOLUME 8&2 (1956) 


JANUARY: 861(SM1), 862(SM1), 864(SM1), 865(SiM1), 866(SM1), 867(SM1), 868(17W1), 
869(ST1), 870(EM1), 871(HW1), 872(HW1), 873(HW1), 874(HW1), 875(HW1), 876(EM1)°, 877 
(Hw1)°, 878(sT1)°. 


FEBRUARY: 879(CP1), 880(HY1), 881(H¥1)©, 882(HY1), 883(HY1), 884(TR1), 885(SA1), 886(C'P1), 
887(SA1), 888(SA1), 889(SA1), 890(SA1), 891(SA1), 892(SA1), 893(C Pi), 894(CP1), 895(/P01) 
896(PO1), 897(PO1), 898(PO1), 899(PO1), 900(PO1), 901(PO1), 902(AT1)©, 903(IR1)©, 904 
(PO1)°, 905(SA1)°. 


MARCH: 906(WW1), 907(WW1), 908(WW1), 909(WW1), 910(WW1), 911(WW1), 912(WW1), 913 
(WW1)©, 914(ST2), 915(ST2), 916(ST2), 917(ST2), 918(ST2), 919(ST2), 920(ST2), 921(SU1), 
922(SU1), 923(SU1), 924(ST2)¢. 


APRIL: 925(WW2), 926(WW2), 927(WW2), 928(SA2), 929(SA2), 930(SA2), 931(SA2), 932(SA2)°, 
933(SM2), 934(SM2), 935(WW2), 936(WWa2),'937(WW2), 938(WW2), 939(WWw2), 940(SM2), 941 
(SM2), 942(SM2)°, 943(EM2), 944(EM2), 945(M2), 946(EM2)°, 947(PO2), 948(PO2), 949(P02), 
950(PO2), 951(PO2), 952(PO2)¢, 953(HY¥2), 954(HY2), 955(HY2)¢, 956(HY2), 957(HY2), 958 
(SA2), 959(PO2), 960(PO2). 


MAY: 961(IR2), 962(IR2), 963(CP2), 964(C P2), 965(WW3), 966(WW3), 967(WW3), 968(WW3), 969 
(WW3), 970(ST3), 971(ST3), 972(ST3)©, 973(ST3), 974(ST3), 975(WW3), 9'76(WW3), 977(DR2), 
978(AT2), 979(AT2), 980(AT2), 981(IR2), 982(IR2)°,983(HW2), 984(/HW2), 985(HW2)°, 986(S'T3), 
987(AT2), 988(CP2), 989(AT2)}. 


JUNE: 990(PO3), 991(PO3), 992(PO3), 993(PO3), 994(PO3), 995(PO3), 996(PO3), 997(PO3), 998 
(SA3), 999(SA3), 1000(SA3), 1001(SA3), 1002(SA3), 1003(SA3)°, 1004(HY3), 1005(HY3), 1006 
(HY3), 1007(HY3), 1008 (HY3), 1009 (HY3), 1010 (HY3)°, 1011 (PO3)°, 1012 (SA3), 1013 (SA3), 
1014(SA3), 1015(HY3), 1016(SA3), 1017(PO3), 1018(PO3). 


JULY: 1019(ST4), 1020(ST4), 1021(ST4), 1022(ST4), 1023(ST4). 1024(ST4)°, 1025(SM3), 1026 
(SM3), 1027(SM3), 1028(SM3)¢, 1029(EM3), 1030(EM3), 1031(EM3), 1032(EM3), 1033(EM3)°. 


AUGUST: 1934(HY4), 1035(HY4), 1036(HY4), 1037(HY4), 1038(H1Y4), 1039(HY4), 1040(HY4), 
1041(HY4)©, 1042(PO4), 1043(PO4), 1044(PO4), 1045(PO4), 1046(P04)¢, 1047(SA4), 1048 
(SA4)©, 1049(SA4), 1050(SA4), 1051(SA4), 1052(HY4), 1053(SA4). 


SEPTEMBER: 1054(ST5), 1055(STS), 1056(STS), 1057(ST5), 1058(ST5), 1059(WWw4), 1060(WW4), 
1061(WW4), 1062(WW4), 1063(WW4), 1064(SU2), 1065(SU2), 1067(sT5)°, 1068 
(ww4)°, 1069(ww4), 


OCTOBER: 1070(EM4), 10’71(EM4), 1072(EM4), 1073(EM4), 1074 (HWS), 1075(HW3), 1076(HW3), 
1077(HY5), 1078(SA5), 1079(SM4), 1080(SM4), 1081(SM4), 1082(HY5), 1083(SA5), 1084(S.A5), 
1085(SA5), 1086(PO5), 1087(SA5), 1088(SA5), 1089(SA5), 1090(HW3), 1091(EM4)°, 1092 
(HY5)°, 1093(HW3)°, 1094(PO5)°, 1095(sm4)°. 


c. Discussion of several papers, grouped by Divisions. 
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